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Figure 2.2. Deck panel dimensions

Also of note in Figure 2.2 is that the bottom of the panels is 3 in. wider than the panel top. This
provides an opening for placing the concrete for the shear key between the individual panels.
The shear key runs transversely and provides continuity between the deck panels. As shown in
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Figure 2.3, the shear key surface had a diamond pattern to provide a better bond between the
concrete in the panels and the concrete placed in the shear key.

Figure 2.3. Textured surface of transverse joint

Reinforcement in the deck panel is shown in Figure 2.4. All panels were reinforced the same,
with the only difference among them being the presence of a cold joint in the third panel. The
cold joint was a result of an equipment breakdown during casting. Grade 60 mild reinforcing
bars were used for all the reinforcement; a modulus of elasticity equal to 29,000 ksi was assumed
for the reinforcing steel as none of the reinforcing was tested. Number 7 and #6 reinforcing bars
were used in the transverse and longitudinal directions, respectively. Four #7 bars surrounded
every two prestressing strands to carry the compressive force in the strands across the open
longitudinal post-tensioning channels.

Eight prestressing strands were used in each of the deck panels. Prestressing strands were
uncoated, seven-wire, low relaxation steel strand with a nominal diameter of %2 in.; a modulus of
elasticity equal to 27,000 ksi was assumed by the Iowa DOT for the prestressing strands.

Strands were to be tensioned to 31 kips prior to release, resulting in an initial stress of
approximately 158 ksi in each strand. Deck panels were specified to have a concrete strength of
4,000 psi at stress transfer and a 28 day strength of 6,000 psi.

A 1 in. pitch spiral 2 ft in length with a 4.5 in. outer diameter and 4 in. inner diameter, ASTM
A227 steel, is present at each end of the prestressing strands to help with confinement of the
prestressing force. Eight pairs of #5 hook bars are shown at the top of the panel in Figure 2.4a.
These bars are the reinforcing steel for the longitudinal closure pour located at the longitudinal
center of the bridge for transferring load between adjacent transverse panels.
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b) Section A-A
Figure 2.4. Reinforcing steel in deck panels

Shown in Figure 2.5 is the steel reinforcement in the deck panel casting beds. The four groups
of prestressing steel and mild steel are visible in both figures, as well as the spirals encasing the
ends of the prestressing strands. The additional steel seen in between the spirals in Figure 2.5a is
the reinforcement for the barrier rail connections. Prestressing steel exiting the formwork and
the double hooks are visible in Figure 2.5b.
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b) Double hooks and prestressing strands
Figure 2.5. Deck panel reinforcing steel in formwork (courtesy of lowa DOT)

2.2 Instrumentation

Instrumentation on the deck panels consisted of concrete strain gages, steel strain gages, and
deflection transducers. In this section, the location of each type of gage installed as well as the
numbering system for each type of strain measured will be presented. As will be detailed later,
not every gage installed was used in every test. The specific gages used in a particular test will
be presented during the discussion of the individual tests.
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A general numbering system was created for identifying concrete and steel strain measurements
taken during testing; it follows the pattern PW-XYZ. The first letter, P, indicates the strain is in
a deck panel and the second letter, W, is 1, 2, or 3 indicating the strain of interest is in Panel 1,
Panel 2, or Panel 3, respectively. The next letter, X, is either C or S and signifies the strain is in
the concrete (C) or steel (S). The fourth variable, Y, is a number from 1 to 10 that identifies the
location of the strain being discussed; figures displaying the locations of the strains are in the
following sections. The final variable, Z, will be a T or B and denotes if the strain was measured
in the top or bottom surface if it is a concrete strain, or in the bar closest to the top or bottom
surface if it is a steel strain. All steel strains were measured in the top surfaces of the bars.

A similar numbering system is used for concrete and steel strains measured in the closure pour.
For these strains, the general numbering system is CP-XYZ. In this system, CP designates the
strain as in the closure pour. The variables X, Y, and Z have the same meaning as previously
described for the deck panel strains.

Deflections are designated by PW-V. In this nomenclature, P signifies the deflection is that of a
deck panel, W is either 1, 2, or 3 and designates the panel being discussed, and V varies from 1
to 10 and identifies the location of the deflection of interest. For closure pour deflections, the
general naming system is CP-V. CP identifies the deflection as that of the closure pour, and V is
a variable identifying the location of interest.

2.2.1 Concrete Strains

The location of the concrete strain gages used is shown in Figure 2.6a. Locations were the same
for each deck panel and for both the bottom and top surfaces of the deck panel. In the
longitudinal direction of the bridge, gages were placed along a line parallel to the skew. Strains
were measured at the center of each panel segment and at the quarter points of the interior
segment. In the transverse direction, strains were measured along two lines located in one-third
of the panel width from the panel edge. A total of ten strain locations are shown in Figure 2.6a.

Strain locations are numbered in Figure 2.6b. An example of a strain designation is P2-C3T.
This designation indicates the following: the strain is in deck panel (P) two (2); a concrete strain
is being discussed (C); a strain at location number 3 in Figure 2.6b (3); and the strain is located
on the top surface of the panel (T).

Shown in Figure 2.6c are the locations and numbering for the concrete strains in the closure pour
connecting Panel 1 and Panel 2. Strains were measured 2 ft - 3 in. from the transverse edge of
the panel and along the longitudinal center of the joint. Concrete strains were measured only on
the top surface of the closure pour.
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Figure 2.6. Location and identification of concrete strains
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2.2.2 Steel Strains

Presented in Figure 2.7a and b are the numerical labels for the steel reinforcing bars for a deck
panel. The number in Figure 2.7a refers to the vertical plane the measured strain is in. As
illustrated in Figure 2.7b, T or B is used to indicate if a strain is in a top or bottom reinforcing
bar in a particular vertical plane. An example of a number for a steel strain in a deck panel bar is
P3-S3T; this strain would be in deck panel (P) three (3), is a steel strain (S) in Bar 3 (3), and in
the top bar of the vertical plane (T).

Instrumentation of the closure pour hook bars is also shown in Figure 2.7; as illustrated, strains
were measured for ten of the hook bars. The bar the strain was in can be seen in Figure 2.7c, and
the locations of the strain measurements on the hook are shown in Figure 2.7d. As seen in
Figure 2.7d, strains were only measured in the top surface of the bars, however strains in both
the top and bottom bars of the hooks were measured. An example strain designation for the
closure pour steel strains is CP-S7B, with CP meaning a closure pour strain, S for a steel strain, 7
being the bar number, and B meaning the bottom bar in the hook.

2.2.3 Deflections

Locations of deflections measured during testing are illustrated by black squares in Figure 2.8;
deflection transducers were positioned at each location to measure the deflections. In a given
test, a maximum of ten of the eleven deflection transducers were used. Deflection locations
included: the four corners of the panel; the midpoints of the transverse edges; the center-point of
the panel; and the midpoint between bar groups in the post-tensioning channel.

Presented in Figure 2.8b is the numbering system used for deck panel deflections. An example
of the deflection numbering system is P2-3. This label is explained as follows: the deflection
being analyzed is for deck panel (P) two (2); the deflection is for location 3 in Figure 2.8b.

A different configuration of deflection measurements was required once Panel 1 and Panel 2
were connected with the closure pour. Deflections measured at the deck panel corners near the
closure pour were replaced with three measurements along the centerline of the closure pour.
These deflections were labeled CP-1 through CP-3, as can be seen in Figure 2.8c.

2.3 Concrete Strength Testing

Concrete cores were taken to determine the actual concrete compressive strength of the deck
panels at the time of testing. Cores were taken from Panel 1 after all testing on this panel was
completed. Locations of the cores are shown in Figure 2.9. Panel 1 was selected for coring
because this panel had sustained the least damage during loading. All cores were taken from the
end span of the panel because this span was the only section that had not cracked during loading.

ASTM C 42 was followed to obtain three concrete cores from the deck panel. Cores had a
diameter of 3 in. and a height of 8.25 in. Once removed from the deck panels, both ends of each
core were cut resulting in a 6 in. specimen. The cores were cut to reduce the length to diameter
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ratio to two and also to provide a flat and smooth surface for testing. Cores were then tested in
accordance to ASTM C 39 to determine the compressive strength of the concrete.

a) Deck panel bar numbering

PANEL 1
RN élB e PANEL 2
1 3
2 4
B
6

9
8 ~— 10
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b) Closure pour bar numbering

FROM PANEL 2 FROM PANEL 1
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©1B . ©2B

== STEEL STRAIN GAGE = = STEEL STRAIN GAGE
c) Section A-A d) Section B-B

Figure 2.7. Location and identification of steel strains
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2.4 Stresses in Panel Mild Reinforcement Due to Prestressing

Figure 2.9. Core locations

The eight prestressing strands present in one longitudinal channel of Panel 3 were cut to
determine the compressive force in the mild reinforcement due to prestressing. Strains were
measured while cutting the strands by installing strain gages on six of the twelve mild
reinforcing bars. Bars 1T, 1B, 2T, 2B, 8T, and 8B (shown in Figure 2.7a) were instrumented; a
photograph of these strain gages is shown in Figure 2.10.

Figure 2.10. Reinforcing bars instrumented with steel strain gages
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An initial strain reading was taken prior to beginning the test in order to record the “zero” strain
in the bars. After this, the top strand between Bars 1 and 2 was cut using a torch, as shown in
Figure 2.11a. Once the strand was cut data readings were taken. Next the entire top prestressing
strand was removed to provide better access to the lower strand, and then the lower strand was
cut. The cut strands (top and bottom) are shown in Figure 2.11b.

LEFT END

RIGHT END OF
TOP STRAND

BOTTOM STRAND

1 b) After removal of the estress strands

Figure 2.11. Torch cutting of the prestress strands

Once the prestressing strands between Bars 1 and 2 were cut, the process was repeated to cut the
strands between Bars 7 and 8, with data being recorded after each strand was cut. After these
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strands were cut, the strands between Bars 5 and 6 were cut, followed by the strands between
Bars 3 and 4. The strands were cut in this order to reduce the extra compressive force in Bars 7
and 8 after the first two strands were cut.

2.5 Lifting Panel Strains

One concern about the deck panels was the additional stress exerted on the exposed mild
reinforcing bars during lifting and transporting. Panel 2 and Panel 3 were instrumented and
lifted with a crane in the laboratory to determine the additional stresses induced in the exposed
reinforcement. Straps were connected to the panels in two different configurations (four lifting
straps and two lifting straps) and strain measurements were taken during lifting.

2.5.1 Four Lifting Straps

The first lifting configuration used four straps to lift the panel. Each strap was wrapped around
two groups of reinforcing steel bars, after which the ends of two straps were paired together; the
crane hook was then put through the ends of the straps to lift the panel. A photograph and sketch
of the straps wrapped around the bar groups are shown in Figure 2.12. Directions of the forces
exerted on the reinforcing bars are shown in Figure 2.12c. Straps had to be wrapped around the
bar groups in different configurations in order to have a balanced pick of the panel. Panel 2 and
Panel 3 were tested in this configuration. Eight gages on Bars 1, 2, 7 and 8 shown in Figure 2.7
were used to collect data in both panel tests. Each panel was lifted twice and the results
compared.

i~ o—

[

a) Photograph of lifting the deck-panl with four straps
Figure 2.12. Setup of lifting test using four straps
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Figure 2.12. Setup of lifting test using four straps
2.5.2 Two Lifting Straps

The second lifting configuration used two straps to lift the panel. Each strap was wrapped
around the four bar groups in the longitudinal channel, as shown in Figure 2.13. Once both
straps were in place, the panel was lifted and strain readings taken. Only Panel 3 was tested with
this setup, and data were collected from four lifts. Steel strains using six strain gages on Bars 1,
2, and 8 were recorded during the tests.

ﬁ- y . x : :
a) Photograph of two strap setup prior to lifting
Figure 2.13. Setup of lifting test using two straps
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b) Cross-section of strap setup
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Figure 2.13. Setup of lifting test using two straps
2.6 Leveling Test

In addition to during moving and transporting, there was concern about the stresses in the mild
reinforcing steel during the leveling of the panels. Therefore, Panel 2 was tested in the
laboratory to determine the magnitude of the stresses exerted on the mild reinforcing steel during
panel leveling. For this test, two supports simulating the precast girders in the field were cast to
support the panels; the simulated beams were 18 in. tall, 14 in. wide, and 10 ft long. Panel 2
supported by two simulated girders is shown in Figure 2.14.

L

Figure 2.14. Deck panel setup for leveling test

For the field bridge, panels were leveled to a 2% transverse slope using a device designed by the
contractor and approved by the lowa DOT. Four devices were used to level each panel. Each
device was placed under a group of exterior reinforcing bars, as shown in Figure 2.15. The
leveling device consisted of a 3/4 in. coil nut welded to the bottom of a 3/4 in. plate that had a
13/16 in. hole. A 3/4 in. diameter coil bolt was then threaded through the nut, and the bolt was
turned to adjust the height of the panel.
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b) Photograph of leveling device

Figure 2.15. Leveling device used to achieve correct elevation and 2% slope of the deck
panels

One variation made in the laboratory test setup was the addition of a 1/4 in. plate for the rod to
bear on. A washer was welded to the plate to keep the rod from moving on the plate. The plate
and washer were added because the test panel was not confined by other panels as would be the
situation in the field. In the field, these other panels would keep the panel and leveling devices
from moving along the prestressed girder. The additional plate and washer used in the

laboratory can be seen in Figure 2.15b.

To achieve the desired elevation of the panels, four leveling devices were used per panel. Using
four devices allowed each corner of the deck panel to be adjusted separately until the required
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elevation and slope were achieved. A photograph of one leveling device and two deflection
transducers in a simulated post-tensioning channel is shown in Figure 2.16. Through the use of
the deflections measured at Points 8, 9, 10, and 11 shown in Figure 2.8, the slope of the panel
was calculated and adjusted until a 2% slope was reached, as required in the field. The slope
was calculated by dividing the difference in the height of the panels at Points 8 and 9 (and 10
and 11) and dividing by 8 ft — 4 in., which was the distance between deflection transducers.

Figure 2.16. Leveling devices and transducers used in panel leveling tests

In addition to leveling the panel to the desired field slope, various combinations of the four
leveling devices were raised to a height of 1 in. to determine the panel response for different
scenarios. These tests included the following: raising one corner of the panel, raising one side,
raising opposite corners, and raising three panel corners. During each test, readings (strains and
deflections) were taken for every 1/8 in. increment the leveling device was raised. Presented in
Table 2.1 are the different tests conducted (i.e. adjusting the various leveling devices). The
number in the table corresponds to the deflection closest to the leveling device being adjusted.

The panel was not lowered to the original position prior to each test listed in Table 2.1. For
example, once the deflection at Point 9 reached 1 in. in Test 1, the leveling device next to
deflection Point 11 was adjusted until the deflection at Point 11 reached 1 in. (Test 2 in Table
2.1). The leveling device next to deflection Point 9 was not adjusted during Test 2. Following
Test 2, the leveling devices near Points 9 and 11 were untouched while the deflection at Point 8
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Table 2.1. Tests conducted with leveling devices

Test Number Leveling Device Adjusted

Pt9to 1 in.

Pts 9 and 11 to 1 in.
Pts 8,9,and 11 to 1 in.
Pt8to 1 in.

Pts 8 and 9 to 1 in.
Pts 8 and 11 to 1 in.
Pt10to 1 in.

Pts 8 and 10 to 1 in.
“Field Leveling”

O 001N N K~ W —

was adjusted upward 1 in. (Test 3). Next, the panel was lowered to the zero position and Test 4
undertaken. This process was continued for all of the tests, with the panel only being lowered to
the zero position after Tests 3 and 6.

The “Field Leveling” test was conducted to determine the stresses developed in the mild
reinforcing steel during leveling of the panel to field requirements. For this test, the panel was to
be leveled to a 2% slope in the transverse direction. To achieve this, a difference of 3.86 in. was
required between Points 1 and 3 and Points 5 and 7, located at the corners of the panel. This
resulted in a difference of 2 in. between Points 8 and 9 and Points 10 and 11.

2.7 Longitudinal Post-Tensioning Channel Concrete Placement Test

One concern about the deck panel system was the placement of concrete in the post-tensioning
channel (i.e. could concrete could flow around all of the steel in the post-tensioning channel?).
Shown in Figure 2.17 is a photograph of one of the post-tensioning channels in the bridge prior
to placement of concrete. In order to check this concern, a model of the channel was constructed
in the laboratory and concrete was placed multiple times to determine if any void spaces were
left around the steel.

2.7.1 Channel Construction

The laboratory channel model was to have the same dimensions and all of the steel present in the
field bridge channel. Therefore, the channel was 10 in. wide, 8 1/4 in. deep, and 6 ft long. A 6 ft
channel length was chosen because this allowed construction of a channel where observations
could be made on both the concrete flow around the leveling devices and through only the
prestress strand. Figure 2.18 provides illustrations of the channel constructed.

Elements composing the completed model included a simulated deck panel with mild steel and
prestress strands, a simulated girder, and concrete beams to support the simulated deck panel.
Plywood was placed at the ends of the channel to close the channel and support the post-
tensioning strands. The plywood could be removed between tests to allow for cleaning of the
specimen before reuse. Presented in Figure 2.18a is a photograph of the constructed test
specimen.
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Figure 2.17. Photograph of longitudinal post-tensioning channel prior to casting concrete
in the field

\ [ ¢ T

L i ‘ -
a) Constructed channel used in concrete placement tests (courtesy of lowa DOT)

Figure 2.18. Channel constructed for longitudinal post-tensioning channel
concreteplacement test
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c¢) Cross-section of channel constructed

Figure 2.18. Channel constructed for longitudinal post-tensioning channel
concreteplacement test

As can be seen in Figure 2.18c, a cross-section of the channel, the following are present in the
channel: stirrups extending from the girder to provide composite action with the deck, two layers
of prestressing strands, two layers of mild reinforcement, and 12 post-tensioning strands (6 in the
top layer and 6 in the bottom layer) along the length of the channel. Excluded from the figure
for simplicity is the leveling device.

Stirrups were spaced on 9 in. centers to simulate the worst-case spacing which occurred near the
end of the girders. Two stirrups were removed from the beam prior to placing the simulated
deck panel on the beam because the stirrups would interfere with either the mild steel
reinforcement or the leveling device. The specifications for the project also called for removal
of any stirrups in the field that may interfere with installation of the deck panels.
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Three inches of each stirrup were left exposed from the beam instead of the 4 1/2 in. specified in
the plans, because in the field the panels would be raised and not resting on the girders once
leveled. Leveling decreases the overlap of the stirrups with the post-tensioning strands and other
bars. For this reason, the exposed length of the stirrups was reduced so the top of the stirrups
would be located at a lower height on the model channel and closer simulate the field conditions.

Twelve post-tensioning strands ran the length of the channel. For the tests, the strands were not
post-tensioned. In order to eliminate any sag in the strands, the strands were tied to the mild
steel reinforcement and supported at the ends by plywood. The holes in the plywood were not
oversized, allowing for a tight fit of the strands.

2.7.2 Concrete Placement

Placement testing was conducted on two days, November 9, 2006 and May 17, 2007. A total of
three tests were conducted, two on the first test day and one on the second day. The third test
will be the focus of this section. Unlike the first two tests, which took place inside the laboratory
due to weather conditions, the third test was conducted outdoors. Photographs of the setup of the
channel outside of the laboratory are presented in Figure 2.19.

Another change from the first two tests was the addition of the leveling devices to the channel.
In the first two tests, the focus was to ensure the concrete left no void spaces among the mild
reinforcement and post-tensioning strands; therefore the leveling devices were left out so this
was easier to observe. Leveling devices were in-place during the third test, resulting in a worst-
case scenario for obstructions in the channel and replicating field conditions. This test setup
provided a worse-case scenario for the opening between the leveling device plate and the girder
because in the field, the plate would be raised higher due to leveling the deck panels. During this
test, the space between the plate and the girder was 1 1/4 in. A photograph of a leveling device
in the channel prior to testing is shown in Figure 2.19b.

An O-4-S35 concrete mix was ordered from Iowa State Ready Mix for all three tests. This mix
met the following requirements: a class O-4WR; maximum top size of aggregate of 3/8 in.; 35%
replacement with ground granulated blast furnace slag (GGBFS); maximum water cement ratio
of 0.38; maximum slump at the plant of 3 in.; maximum slump after addition of high range water
reducer of 8 in.; and a minimum concrete temperature at time of placement of 70° F.

Testing began at 11:00 A.M. on May 17, 2007. Air temperature at the time of the test was 61°F.
The temperature of the channel concrete was 45°F. Slump of the concrete at time of arrival was
measured at 3 3/4 in. After the addition of 40 ounces of super plasticizer per cubic yard of
concrete, the slump was 8 in. For comparison, the air temperature was 55°F and the slump at
arrival was 2 in. for the first two tests. A 5 in. slump after the addition of super plasticizer was
measured for the first test and the slump was 6 1/2 in. for the second test, after the addition of
extra super plasticizer.

Concrete placement for the third test began near the mild steel, which is the right end of Figure
2.18. For this test, concrete from the concrete truck was placed into a wheel barrow, and then
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placed by the shovelful into the channel and vibrated. One location of the channel was filled at a
time, and as the channel filled, placement continued until the channel was full.

b) Steel in channel
Figure 2.19. Concrete placement test setup
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2.8 Service Load Tests

A series of service load tests were conducted to determine the response of the deck panels to
loads placed at various locations. Load magnitudes typically were 40 kips for interior spans and
20 kips on the cantilevered sections. Service load tests were first preformed on panels prior to
the closure pour being cast, with concrete strains, steel strains, and deflection data recorded.
Next, the closure pour was cast between two panels and service load testing repeated, with the
results between the series of tests compared to determine the effect of the closure pour on the
system. All service loads were completed applying loads to a 9 in. square footprint.

2.8.1 Individual Panel Service Load Tests

Setup for the service load tests began with placing four simulated precast girders at the proper
spacing on the laboratory floor. Once the girders were set in place, two deck panels were
lowered into position. Leveling devices designed by the contractor were used to adjust the slope
of the panels to 2%, matching the slope of the panels in the field bridge. Next, plywood
formwork was attached to the beam below the deck panel and at both ends of the longitudinal
post-tensioning channel, as shown in the photograph in Figure 2.20a.

Once the formwork was constructed, concrete could be placed in the post-tensioning channels.
A C-4 mix with 3/8 in. chips and a 4 in. slump was used for the post-tensioning channel
concrete. Concrete in the channels was placed on February 15, 2007; a photograph of the
concrete placement in one of the channels is shown in Figure 2.20b.

Load locations used for the two panels are presented in Figure 2.21. Load locations were laid
out along three lines in the transverse direction (A, B, and C) and fourteen lines in the
longitudinal direction (1-14). Lines A, B, and C were equally spaced at 1 ft - 9 in., measured
from the bottom of the transverse shear key. Lines 1 through 14 were spaced on 3 ft increments,
with Line 1 approximately 2 in. from the corner of Panel 1. This was done so point B8 would be
positioned over the center of the closure pour for the connected panel service load tests.
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) Formwork allc—)r_ig'béttom of channel
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Figure 2.20. Casting concrete in the post-tensioning channel
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Figure 2.21. Load locations for service load tests on individual panels

More instrumentation was installed on Panel 2 than on Panel 1, and therefore Panel 2 was tested
more extensively, as illustrated in Figure 2.21. Each test point on Panel 1 was chosen to
correspond to a point on Panel 2, allowing for a comparison of the data from the two panel tests.
This it was possible to see how both panels responded to the same loading.

Also of note in Figure 2.21 are load locations B6 and B10. The footprint at these points is
parallel to the support beams. This was done so the load would not be applied directly to the
support, which would occur if the footprint was not rotated. Point C8 was also rotated so the
load footprint would not overhang the deck panel.

Service load testing began on Panel 2 on February 22, 2007, seven days after the post-tensioning
channel concrete was placed. The 7 day strength of the concrete in the channel was 4,650 psi.
Loading of the panel began at Point B14, and shown in Figure 2.22 is the test setup for various
load points. Each point was loaded twice to ensure consistent results. For Panel 2, loading
varied from 32 kips for points on cantilevered sections to 40 kips for interior spans, with the load
increased in 4 kip increments. All points on Panel 1 were loaded to 20 kips in 2 kip increments.
A load cell was used to measure the applied load.
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b) Service load at Position C10
Figure 2.22. Individual panel service load test setup
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¢) Service load at Position B14 .
Figure 2.22. Individual panel service load test setup

2.8.2 Connected Panels Service Load Tests

After the service load tests on the individual panels were completed, the closure pour was cast,
connecting the two panels. Shown in Figure 2.23 is a photograph of the closure pour connection
prior to concrete placement. Present in the joint are sixteen #5 double hooked bars and four #5
longitudinal bars.

Figure 2.23. Longitudinal closure between panels prior to concrete placement

Load points used for the connected panel service load tests are presented in Figure 2.24. There
were multiple goals considered in determining these load points. These goals were to: determine
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the panels’ response as the load moved in the transverse direction; determine the response of the
closure to loading; and determine the general effect the closure had on the system.

PANEL 2

‘4% 21/32"  m=LOAD POINT
Figure 2.24. Load points used in connected panel service load tests

The first test goal was to determine the panel response as a load moved transversely across the
system. This was accomplished by applying load at multiple locations along Line B in Figure
2.24 and measuring the resulting concrete strains, steel strains, and deflections.

Another objective of the connected panel service load tests was to measure the response of the
closure to loading. To do this, multiple load points were positioned in the vicinity of the closure,
with concrete strains, steel strains, and deflections measured and recorded.

Finally, the general effect the closure had on the response of the system was to be determined.
This was accomplished by comparing the response data between the individual panel tests and
closure tests with the load in the same locations.

Review of Figure 2.24 reveals Panel 2 has the majority of the load points. There are two reasons
for this. First, as previously noted Panel 2 had the majority of the instrumentation; therefore by
loading this panel, a better idea of the response would be obtained. Also, Panel 2 was subjected
to more tests during the individual panel service load tests than Panel 1. Testing Panel 2
extensively again allowed for a better comparison of data between the two sets of service load
tests.

The test setup in the laboratory for the connected panel tests is shown in Figure 2.25. Testing
went from Column 14 to 1 and Row A to C in Figure 2.24. As previously noted, a 9 in. square
footprint was used for each test, and each point was loaded twice to ensure consistent results.
Loading varied from 20 kips for points on Columns 2 and 14 (the cantilevered sections), to 40
kips for all the points in the interior spans. Instrument readings were taken ten times for each
test, resulting in readings in 2 kip increments for the cantilevered spans and 4 kip increments for
the interior spans. A load cell was used to measure the applied load. Instrumentation locations
for this test were presented earlier in Section 0.

40



' a) SerV|ce load at Position B2

b) Service load at Posmon B12
Figure 2.25. Test setup for connected panel service load tests
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c) Service load at Position Al4

Figure 2.25. Test setup for connected panel service load tests

2.9 Ultimate Strength Tests

A series of ultimate load tests were conducted to determine flexural and punching shear
capacities of the connected deck panels. Testing was done on both the single panel (Panel 3) and
connected panels (Panels 1 and 2). Footprints used for the tests included a 9 in. square, tandem
wheels, and line load.

2.9.1 Test of a Single Panel

Panel 3 was tested to determine the flexural capacity of a single panel. This was accomplished
by applying a line load at the midspan of the panel. As previously noted, Panel 3 also contained
a cold joint, so this test would help determine if the cold joint affected the strength of the panel.
The position of the line load is shown in Figure 2.26a.

Presented in Figure 2.26b is a photograph of the laboratory setup prior to the start of the test.

The line load was applied by loading a 6 ft long HP10x42 section. Neoprene pads were placed
between the load beam and deck panel to account for the roughness in the deck panel surface and
to evenly distribute the load. A 300 kip load cell was placed between the load beam and the
actuator. Deflection transducers were installed at the ends and midpoint of the load beam so the
load distribution through the beam could be monitored. Data were collected for every 10 kip
increment of load applied to the panel.
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Figure 2.26. Laboratory setup for Panel 3 ultimate load test

p prior to testing

2.9.2 Test Using 9 in. Square Footprint

The goal of this ultimate strength test was to determine the strength of the longitudinal closure
pour. Because of the anticipated strength of the closure pour and the capacities of the laboratory
equipment, the decision was made to place a point load to one side of the joint for the test. This
was done instead of placing one point load on each side of the joint and subjecting the joint to
pure flexure. The reasoning for this was to expose the joint to both flexure and shear — a more
severe loading condition.
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A 9 in. square footprint was used to keep consistency between this test and the service tests to
allow for data comparison. Location of the footprint relative to the closure joint can be seen in
Figure 2.27a. The footprint was parallel to and 4 1/2 in. from the joint and 2 ft — 8 in. from the
panel edge. Shown in Figure 2.27b is a photograph of the applied load relative to the closure
joint and concrete strain gages on the specimen.

Steel beams were used to tie the specimen to the floor. This was done because of an anticipated
uplift force at the exterior beams during loading. The locations of the restraining beams relative
to the support beams can be seen in Figure 2.27a. Locations of the restraining beams were
controlled by the locations of the inserts in the tie down floor. The entire test setup with the two
restraining beams is shown in the photograph in Figure 2.27c.

Loading was to continue during the test until either the specimen failed or the capacity of the
actuator was reached, which was 400 kips. Instrumentation readings were collected at 10 kip
increments until failure occurred. A load cell was used to measure the applied load.

[ RESTRAINING BEAM [ RESTRAINING BEAM

9" SQUARE FOOTPRINT

[9) o

'/ \J

° A g °
a) Location of 9 in. square footprint

b) Test setup for closure pour ultimate load test

Figure 2.27. Laboratory setup for closure joint ultimate load test
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¢) Restraining beams positioned for ultimate load test

Figure 2.27. Laboratory setup for closure joint ultimate load test
2.9.3 Testing Using Tandem Wheel Footprint

A tandem wheel footprint was used for the third ultimate load test. The load was positioned as
close to midspan of Panel 2 as possible based on the layout of the tie down floor. Shown in
Figure 2.28a is the exact position of the load. A steel beam was positioned over one of the
support beams to keep the panel from lifting during loading due to uplift forces. Presented in
Figure 2.28b and c are photographs of the test setup.

Shown in Figure 2.28c is a photograph of an overall view of the tandem wheel footprint. The
following can be seen in this figure: two neoprene pads each with dimensions of 10 in. by 10 in.,
steel plates approximately 20 in. x 10 in., 9 in. square steel plates, a 300 kip load cell, and a 400
kip actuator. Load was applied until either a failure in the deck panel occurred or the capacity of
the actuator was reached. Data were recorded for every 10 kip increments of load applied.

o 2 7/32

"/

7 TANDEM WHEEL FOOTPRINT
RESTRAINING BEAM

a) Load position for tandem wheel footprint ultimate load test

Figure 2.28. Load position and laboratory setup for tandem wheel ultimate load test
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Figure 2.28. Load position and laboratory setup for tandem wheel ultimate load test

2.9.4 Line Load

A line load was applied to test a span of Panel 1 in flexure. The load was applied until a deck
panel failure occurred. Data were recorded for every 10 kip increment of load applied to the
panel; applied loads were measured with a load cell.
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The line load was applied by loading a 6 ft long HP10x42 section. Neoprene pads were placed
between the load beam and deck panel to account for the roughness in the deck panel surface and
to evenly distribute the load. A 300 kip load cell was placed between the load beam and the
actuator. Deflection transducers were installed at the ends and midpoint of the load beam so the
load distribution through the beam could be monitored. A photograph of the setup in the
laboratory prior to testing is shown in Figure 2.29a.

LOAD BEAM \/& 518" o

[ RESTRAINING BEAM
b) Location of line load on Panel 1

Figure 2.29. Laboratory setup for ultimate load test using a line load

Shown in Figure 2.29b is the position of the line load on Panel 1. The line load was placed at the
midspan of the panel. Also shown is the location of the restraining beam used for this test. The
restraining beam was needed to transfer the uplift forces developed in Panel 2 to the tie down
floor.
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3. LABORATORY TEST RESULTS

In this chapter, results for the various laboratory tests performed on the deck panels are
presented. Test results presented include concrete compressive strengths, prestressing force
measurements, strains measured in the deck panel during lifting, and strains measured during
leveling. Observations made during placement of concrete in the longitudinal post-tensioning
channel are discussed. Lastly, strain and deflection data from the service load tests and ultimate
strength tests of the panels are presented.

3.1 Concrete Strength Test Results

Compressive strength results for the concrete cores taken from the Panel 1 are presented in Table
3.1. Results for this panel were assumed to be representative of the compressive strength of the
concrete in all the deck panels tested. The compressive strengths ranged from 7,530 psi to 9,570
psi. Because the strength of Core A was significantly greater than Cores B and C, only the Core
B and C strengths were used to calculate the average concrete compressive strength of 7,600 psi.
By not using the high compressive strength of Core A, a conservative value was obtained. The
average compressive strength exceeded the specified concrete strength of 5,000 psi by 27
percent.

Table 3.1. Deck panel concrete compressive strengths

Core Strength (psi)

A 9,570*
B 7,670
C 7,530
Average 7,600

*excluded from average
3.2 Stresses in Panel Mild Reinforcement Due to Prestressing

Presented in this section are the stresses calculated from strains measured in six reinforcing bars
when the prestressing strands in one longitudinal channel were cut. Locations of the
instrumented bars can be seen in Figure 2.7. The experimental stress in each mild reinforcing
bar was compared to the design stress for the mild bars. To determine the design stress in each
bar, estimated losses were subtracted from one-half the initial stress in one prestressing strand.
Estimated losses included losses due to creep, shrinkage, relaxation, and elastic shortening and
were taken as a lump sum value of 40 ksi (Naaman, 2004). The design stress in each reinforcing
bar without considering losses was 25.8 ksi and 20.7 ksi considering losses.

Calculated stresses for each instrumented bar are given in Table 3.2. Hooke’s Law and an
assumed steel modulus of elasticity equal to 29,000 ksi were used to determine stresses from the
measured strains. Experimental stresses ranged from 13.0 ksi to 21.5 ksi. One of the six bars
was stressed greater than the design stress less losses by 0.8 ksi. The average experimental
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stress was 16.1 ksi, which is 4.6 ksi less than the design stress less losses. Therefore losses in
the prestressing force were greater than expected.

Table 3.2. Stress in each instrumented bar

Bar Stress Difference from Design Value

(ksi) Less Losses (%0)
IT 13.8 -33
1B 17.2 -17
2T 13.0 -37
2B 21.5 +4
8T 15.8 -24
8B 15.1 -27

In Table 3.3 the average stress in the top and bottom bars is presented. The average stress in the
bottom bars (17.9 ksi) was higher than that in the top bars (14.2 ksi); however both stresses were
less than the design stress less losses. A reason for the difference in stresses could be that the
bottom prestressing strands were stressed higher than the top strands; this is supported by
comparing the values of 1T and 1B, or 2T and 2B. Both bottom strands were stressed higher
than the corresponding top strands.

Table 3.3. Average stress in each bar layer

Stress Difference from Design

Bar (ksi) Value Less Losses (%)
Top 14.2 -31
Bottom 17.9 -14

3.3 Lifting Panel Strain Results

Presented in this section are the results for the crane lifting tests. A deck panel was lifted
multiple times with two different strap configurations (see Figure 2.12 and Figure 2.13). Strains
induced in the mild reinforcing bars were measured during each test to determine the state of
stress in the bars.

3.3.1 Four Lifting Strap Test Results

Shown in Figure 3.1 is a plot of the strains experienced in each instrumented bar while the panel
was lifted from the support beams. Locations of the instrumented bars are presented in Figure
2.7, and the configuration of the straps around the bars is shown in Figure 2.12. Strains
measured in the test presented (the first test) agree with results from the other tests conducted
with the same strap configuration. All strains plotted were temporary because they only occur
during lifting; once lifting is completed and the panel is in place, the only strains present in the
mild reinforcing bars are due to the prestressing force and bending of the cantilevered sections
over the supports due to the self-weight of the panel.
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As can be seen in the graph, half the bars experienced tension and half were in compression.
However, not all the top bars experienced tension and not all the bottom bars experienced
compression, as one would expect. Three of the top bars (1T, 7T, and 8T) and one bottom bar

T . P - 80 i
: 2 S : |

B _ S i
1

Strain (MII)

Lifting begins Panel is off supports
e e e I e e

=400 7T
1] 10 20 a0 40 50 G0 70 80
Time (zeconds)

Figure 3.1. Strain results for first lift of Panel 2 with four straps

(8B) were in tension. The tension in the bottom bar, 8B, was due to a localized effect caused by
bearing of the lifting strap directly on the bar near the strain gage. Bar 1T experienced the
largest tensile strain (251 MII) if Bar 8B is neglected, and Bar 2T had the largest compressive
strain (-278 MII).

Presented in Table 3.4 are the maximum strains measured for each instrumented bar during the
four strap lifting tests. The strain magnitudes were converted to stresses using Hooke’s Law and
then to the moment values presented. To use Hooke’s Law, linear behavior and a steel modulus
of elasticity equal to 29,000 ksi were assumed. Moments were calculated using the stress with
the following equation:

I
M = O inax (1)
C

Where M = resultant internal moment
I = moment of inertia of one bar about the neutral axis
Omax = Maximum stress in the member
¢ = perpendicular distance from the neutral axis to a point farthest away from the
neutral axis
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Next, Equation H1-1a in the American Institute of Steel Construction, Inc. (AISC) Steel
Construction Manual, 13™ Edition (2006) was used to determine if the bar was adequate under
combined flexure and compressive forces. This equation is presented as Equation 2:

M
P +§( M, +— JSI.O
(I)an 9 (I)an d)an

)

Where P, = required axial compressive strength
P, = nominal axial compressive strength
M; = required flexural strength
M, = nominal flexural strength
dp = ¢ = strength reduction factor = 0.90

Table 3.4. Strains, moments, and percent utilization of the #7 bars’ yield stress during four
strap lifting

Maximum Calculated Utilization
Bar Strain Measured Moment (%)
(MI1) (in.-Kips)

1T 251 0.48 60

1B -204 0.39 59

2T -278 0.53 61

2B 79 0.15 55

7T 143 0.27 57

7B -40 0.08 54

8T 93 0.18 56

The solution of the left-hand side of Equation 2 results in the percent utilization value given in
Table 3.4, which is the percentage of the total strength of the bar being used. Bars with
utilization less than 100% have reserve strength. A compressive force of 15.5 kips was used in
the AISC interaction equation, which is the design force value and does not include any of the
previously discussed losses. Use of 15.5 kips results in a conservative value from the interaction
equation because the actual compressive force present in each bar would be less due to prestress
force losses. Bar 2T had the highest percent utilization at 61%. All instrumented bars were
utilized between 55% and 61%.

3.3.2 Two Lifting Strap Results

Six bars were instrumented when a deck panel was lifted with two straps; locations of each strain
can be seen in Figure 2.7 and the layout of the straps can be seen in Figure 2.13. Strains induced
while lifting a deck panel with two straps are plotted in Figure 3.2. Of the six bars instrumented,
four experienced tension (1T, 8T, 2B, and 8B) and two were in compression (1B and 2T). As
previously noted, these strains were temporary because they only occurred during lifting; once
the panel was set in place, the only strains present in the mild reinforcing bars were due to the
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prestressing force and bending of the cantilevered sections over the supports due to the self-
weight of the panel.

Bar 8B had the largest strain, stabilizing at a strain of 1780 MII. However, this strain was
caused by a localized effect from the lifting strap bearing directly on the bar near the strain gage.
Neglecting this strain, all the instrumented bars experienced strains less than 250 MII. The
strains measured during the two lifting strap tests were of a similar magnitude to those measured
during the four lifting strap tests, even though the strap configuration was different. This shows
that for the instrumented bars, the configuration of the lifting straps did not affect the strains in
the bars.
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Figure 3.2. Strain results for fourth lift of Panel 3 with two straps

In Table 3.5 the maximum strains in each instrumented bar during the two strap lifting tests are
presented. The strain magnitudes were converted to stresses using Hooke’s Law and a value of
29,000 ksi for the steel modulus of elasticity. To use Hooke’s Law, linear behavior was
assumed. Moments were calculated from the stresses using Equation 1.

Table 3.5. Strains, moments, and percent utilization of #7 bars during two strap lifting

Maximum Calculated Utilization
Bar Strain Measured  Moment (%)
(MI1) (in.-Kips)
1T 22 0.04 54
1B -177 0.34 58
2T -38 0.07 54
2B 231 0.44 60
8T 217 0.41 59
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Once moments were calculated, the percent utilization value given in Table 3.5 was calculated.
Calculation of percent utilization values was presented in Section 0 and used Equation 2. Bar 2B
had the highest percent utilization at 60%; all the bars were utilized between 54% and 60%.

This range is similar to that for the four lifting strap results (55% to 61%). which is the same
range as the results from the four strap lifting tests. Therefore the strap configuration did not
have a significant effect on the bar utilization.

3.4 Leveling Test Results

Strains experienced during the various leveling tests conducted are presented in Figure 3.4.
Tests conducted and the order leveling devices were raised were presented in Section 0;
locations of the instrumented mild reinforcing bars were shown in Figure 2.7. Each event
plotted on the horizontal axis in Figure 3.4 represents an increase of 1/8 in. in height of the
leveling rod being adjusted.
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a) Strains for all instrumented bars during Test 1
Figure 3.3. Measured steel strains in Panel 2 mild reinforcing bars during leveling tests
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Figure 3.4. Measured steel strains in Panel 2 mild reinforcing bars during leveling tests
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d) Top bar strains in Test 7, 8, and 9
Figure 3.5. Measured steel strains in Panel 2 mild reinforcing bars during leveling tests

Shown in Figure 3.4a are the strains measured for each instrumented bar during Tests 1, 2, and 3.
Bar 8B experienced the largest strain (1194 MII) during the test, with a strain twice that of the
next largest strain. Strain data for all the bottom bars are disregarded in Figure 3.4b through d
because these strains were the result of a localized effect caused by the bar bearing on the
leveling plate.

Bar 2T and Bar 7T were the only bars to experience compressive strains during testing, and Bar
7T was the only bar that was always in compression. The maximum strain measured in the top
bars during testing was approximately -600 MII. Another observation from the plots is that
strains tended to change over the first 1/2 in. of adjusting a leveling device and then remained
constant as the leveling device is raised the final 1/2 in. to a height of 1 in.

An observation that can be made from the results of the test replicating field leveling (Tests 7, 8,
and 9) shown in Figure 3.4d is the maximum strain experienced by any of the bars was
independent of the height of the bar. Strains induced in bars were essentially the same when a
leveling device was at 1 in. or when the same device reached 2 in.

Maximum strains measured for each instrumented bar during the leveling tests are presented in
Table 3.6. The strain magnitudes were converted to stresses using Hooke’s Law, assumed linear
behavior, and a steel modulus of elasticity equal to 29,000 ksi. Moment values presented were
calculated using Equation 1.
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Table 3.6. Strains, moments, and percent utilization during leveling tests

Maximum Calculated

Bar  Strain Measured Moment Ut'“fat'on
(MII) (in.-kips) (%0)

IT 533 1.02 68

2T -595 1.13 70

7T 273 0.52 61

8T 249 0.47 60

Percent utilization values were calculated and listed in Table 3.6. The equations used and
assumptions made when calculating these values were presented in Section 0. Bar 2T had the
highest percent utilization at 70%. Utilization of bars during the leveling tests ranged from 60%
to 70%.

Values given in Table 3.6 were temporary because all strains went to zero once the deck panel
was placed in a horizontal position on the support girders. However, because deck panels are
left in a leveled position in the field, strains due to leveling may be permanent strains in the
reinforcing bars.

3.5 Longitudinal Post-Tensioning Channel Concrete Placement Results

The photographs in Figure 3.6 address concerns the lowa DOT had about the flow of concrete in
the post-tensioning channel, specifically the flow around all of the steel present in the channel.
In Figure 3.6a, one can see the concrete flowed through the channel in three layers, first under
the prestress strand, then between and around the strands, and finally above the strands. This
was typical of all three tests conducted. Shown in Figure 3.6b is concrete flowing between the
prestressing strands, addressing concerns of the lowa DOT if concrete would leave void space
between the strands.
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Figure 3.6. Concrete flow during longitudinal post-tensioning channel concrete placement
tests
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Figure 3.6. Concrete flow during longitudinal post-tensioning channel concrete placement
tests

Concrete can be seen below the leveling device in Figure 3.6¢, eliminating another concern of
the Jowa DOT. Because concrete is beneath the leveling device, load is transferred from the
deck panels by bearing on concrete and not through the leveling device rod. The leveling device
was only present in the third test.

3.6 Service Load Tests Results

Presented in the following sections are results for the individual panel and connected panel
service load tests. Concrete strains, steel strains, and deflection data are presented along with
comparisons to service values where appropriate.

3.6.1 Individual Panel Service Test Results

The following section presents the results from the service load tests conducted prior to the
closure pour being cast. A total of 22 load points were used; 8 points on Panel 1 and 14 points
on Panel 2 (see Figure 2.21). In this section, results for loads positioned at BS, B11, and B14 are
presented. Load placed at BS and B11 resulted in the largest strains and deflections for the cases
of the load positioned between the support beams. A load at B14 resulted in the largest
deflections in the deck panel. Results for these three load positions are representative of the
results obtained from the other 19 load cases. Magnitude of loads applied varied however all
were greater than the 16 kip wheel load of a HS 20-44 truck used in design.
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Strains induced for a load varying from 0 to 48 kip positioned at B11 are plotted in Figure 3.7.
Refer to Figure 2.7 for the location of each steel strain. All the steel strains for this load location
resulted from bending of the cantilevered portion of the deck panel about the support beam.
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Figure 3.7. Steel strain versus load, load at B11, Panel 2

Bottom bar strains were compressive and less than 20 MII and were not plotted for clarity. From
Figure 3.7 one can see the top bars were in tension and the majority of the bending due to self

weight occurred in Bars 5, 6, 7, and 8. The maximum steel strain measured during this test was
101 MII in Bar 6T.

Plotted in Figure 3.8 are deflections for a load varying from 0 to 48 kip at B11; locations of the
deflections are shown in Figure 2.8. These deflection results are typical for tests with a load
located between the support beams. For this load case, the cantilevered sections deflected
upward (positive direction), and the loaded span deflected downward (negative direction). Each
panel corner deflected a similar amount, with the deflections at P2-3 and P2-7 being slightly
greater because these points were farther from the support than Points P2-1 and P2-5. The
largest measured deflection (0.067 in.) was directly under the applied load.

Deflections for each span were compared to the deflection limits in the AASHTO LRFD Bridge
Design Specifications (2002). The AASHTO deflection guideline for vehicular loads is L/800
for spans supported at both ends and L/300 for cantilevered spans, where L is the span length.
This results in a deflection limit of 0.125 in. for the 8 ft — 4 in. interior span, 0.147 in. for the 3 ft
— 8 in. cantilever, and 0.163 in for the 4 ft — 1 in. cantilever. Because the applied load exceeds
the HS 20-44 loading for which the deck panel was designed, and the deflection is less than the
limits specified by AASHTO, the deck panel meets deflection requirements.
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The largest concrete strain (-253 MII) for load varying from 0 to 48 kip at B11 occurred at
P2-C8T. This strain was the closest to the applied load (1 ft - 9 4 in. away). P2-C2T and
P2-C3T are the second and third closest strains to the load, respectively, which agrees with the
strains measured (-184 MII and -162 MII). P2-C4T was over 4 ft from the load, explaining why
the strain was 2 MII. All concrete strains are presented in Figure 3.9 with locations of the strains
shown in Figure 2.6. Concrete strains measured in the cantilever sections were less than 2 MII
and therefore were not included in the figure for clarity.
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Figure 3.9. Concrete strains versus load, load at B11, Panel 2
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The largest changes in deflection for a single panel occurred with a load at B14. Deflections for
a 0 kip to 32 kip load at this point are plotted in Figure 3.10. A 32 kip load was used for load at
B14 because the panel began to rotate about the near support at loads greater than 32 kips. Point
P2-3 deflected 0.433 in. under the 32 kip load. However, P2-3 deflected 0.146 in. for a 16 kip
load, the wheel load of a HS 20-44 truck. The AASHTO deflection limit for a 4 ft-1 in.

cantilevered span is 0.163 in (L/300). Therefore cantilever deflections for the design wheel load
are within the AASHTO limits.
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Figure 3.10. Deflection versus load, load at B14, no closure pour

A comparison of the deflection of the individual panels with a load at BS on Panel 1 and B11 on
Panel 2 are plotted in Figure 3.11. Panel 1 was loaded 0 to 20 kips, while Panel 2 was loaded 0
to 24 kips. These load ranges were plotted because 20 kips was the maximum load applied at
BS5, whereas B11 was loaded to 48 kips in 8 kip increments. In order to plot the data over a
similar load range and because data were not recorded at 20 kips, 24 kips was chosen as the
maximum load to plot for B11. Locations of each measured deflection are presented in Figure
2.8. These results are presented to show that the two deck panels when loaded similarly
responded essentially the same way; the deflections for the two panels are within 0.005 in.
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Figure 3.11. Comparison of deflection versus load results, for loads at B5 (on Panel 1) and
B11 (on Panel 2)

3.6.2 Connected Panel Service Load Test Results

Nineteen points on the deck panels were loaded after the closure pour was cast (see Figure 2.24).
These points were chosen to meet the test objectives stated in Section 0. The results for a load at
B8 are presented to show the response of the closure pour to load. Plots illustrating the response
of the system as a load moves longitudinally or transversely are also shown, along with a plot
showing deflections of the deck panels with and without the closure pour in place.

Steel strains measured for the closure pour hooked bars for a load 0 to 40 kips at B8 are plotted
in Figure 3.12, and the locations of the strains are shown in Figure 2.7. Strain gages on Bars CP-
S3T and CP-S5B were damaged when the closure pour was cast and no strain in these bars are
shown in the plot. Bottom bars in a hook were in tension and top bars in compression during
loading at BS. Bars experienced greater tensile strains than compressive strains because the bars
were at different depths in the cross-section; bottom bars had 1 1/2 in. of clear cover and top bars
had 2 1/4 in. of clear cover. The largest strain measured was 307 MII in Bar CP-S8B, which was
located at the location of the load and is less than the yielding strain of 2069 MII.

Adjacent bars comprising a double hook had tensile strains within 15 MII, and bars in
compression were within 45 MII of each other. One reason as to why the compressive strains
varied more than the tensile strains is because the gages were wrapped in foil to protect them
prior to placing concrete (see Figure 2.23) , the concrete may not have bonded as well to some of
the bars. Therefore some bars had to carry a larger compressive force than other bars.
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Figure 3.12. Closure pour steel strains versus load, load at B8, closure pour in place

Bar P1-S8T was the only bar to experience a compressive strain for a 40 kip load at BS, and the
strain was -20 MII. Reinforcing bars with strains greater than 20 MII are plotted in Figure 3.13;
bars with strains less than 20 MII are not shown for clarity. Refer to Figure 2.7 for the locations
of the bars. The largest strain was 278 MII and occurred in Bar P2-S2T, a top bar. Top bars
experienced larger strains than bottom bars because the panel had negative bending over the
support beam, therefore subjecting the top bars to larger strains than the bottom bars; top bars
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were at a different depth in the cross-section than bottom bars due to panel leveling. All of the
reinforcing steel strains were less than the yielding strain of 2069 MIL.
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Figure 3.13. Steel strain versus load, load at B8, closure pour in place

A plot of concrete strains versus load for a 40 kip load applied at B8 is shown in Figure 3.14.
Locations of each strain can be seen in Figure 2.6. The largest strains occurred in the closure
pour concrete; strains in the top surface of the closure pour were compressive and strains in the
top surface of the deck panels were tensile. Deck panel strains were less than 16 MII. Location
CP-C2T experienced the largest strain (286 MII). All of the strains were less than 3000 MII,
which is the maximum useable strain at the extreme concrete compression fiber specified by the
American Concrete Institute (ACI) Building Code Requirements for Structural Concrete (2005).
Greater strains were experienced at CP-C2T than CP-C1T even though the gages were the same
distance from the load because of the skew of the deck panels.
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Figure 3.14. Concrete strains versus load, load at B8, closure pour in place

Deflections due to a 40 kip load at B8 are plotted in Figure 3.15; the locations of the deflections
are given in Figure 2.8. Deck panel deflections were less than 0.002 in. and not included in the
plot for clarity. CP-2 was at the applied load and underwent the largest deflection, 0.051 in.
AASHTO specifies a maximum deflection equal to L/800 for a span supported at both ends,
which results in a maximum deflection of 0.125 in. for a span length of 8 ft — 4 in. The applied
load of 40 kips was greater than the wheel load of a HS 20-44 design truck, and the maximum
deflection was less than limits specified by AASHTO; therefore the deck panel meets deflection

requirements.

Graphs of the change in deflection as a 16 kip load moved along Line B are presented in Figure
3.16. Results for a 16 kip load are plotted because this load is equivalent to a HS 20-44 wheel
load. Changes in deflection near the load were the largest; deflection changes of unloaded spans
were less than 0.005 in. For example, from Figure 3.16a one can see that as the load moved
from Panel 1 to Panel 2 (B1 to B14) the deflection of points on Panel 1 changed 0.002 in. or less.
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Figure 3.15. Deflection versus load, load at B8, closure pour in place
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Figure 3.16. Deflection of the deck panels as a 16 kip load moved across grid Line B

The largest change in deflection occurred when the cantilever section was loaded. These are
load points B2 and B14. Point P2-3 underwent the largest deflection change, 0.135 in. (see
Figure 3.16¢). This deflection was within the AASHTO deflection limit of L/300 equal to 0.163
in. for a cantilevered span length of 4 ft — 1 in. Deflections for the deck panel spanning between
the support beams had a maximum value of 0.017 in., which is less than the AASHTO deflection
limit of L/800 equal to 0.125 in for a span with length equal to 8 ft — 4 in.
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Presented in Figure 3.17 are the deflection changes experienced as a 40 kip load moved from
load point A11 to C11 along grid Line 11. Locations of load points can be seen in Figure 2.24
and locations of deflection are shown in Figure 2.8. Changes in deflection of Panel 1 were less
than 0.002 in. and excluded from the plot for clarity. As one would expect, the cantilevered
section of the deck panel (P2-3 and P2-7) deflected upward (positive) and the loaded portion of
the deck panel (P2-2, P2-4, P2-6) deflected downward (negative). Deflections for the
cantilevered section were independent of the location of the load, as the deflection changed
0.002 in. among the three load points. The stiffness of the closure pour was apparent in this test,
as deflection changes of the closure pour were a maximum of 0.002 in.
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Figure 3.17. Deflection of the deck panels as a 40 kip load moved along grid line 11

Another observation from Figure 3.17 is the loaded span responded as expected. When the load
was at Al1, P2-2 experienced the greatest deflection, and the deflection at this point decreased
as the load moved to C11. P2-4 deflected the most when the load was above this point (at B11)
and deflected approximately the average of the P2-2 and P2-6 deflections for load points Al1
and C11. Point P2-6 deflected the least of P2-2, P2-4, and P2-6 when the load was at A11, and
the deflection increased as the load moved along Line 11.

A plot of deflections for a load at point B11 for the individual and connected panels is shown in
Figure 3.18. From these plots, one can see the effect the closure pour had on the system. Every
deflection decreased after the closure pour was cast, with the greatest changes occurring at the
cantilevered sections of the deck panel. Deflections at P2-7, located at a corner of the
cantilevered deck panel, decreased by 0.02 in. after the closure pour was cast. In Figure 3.18,
deflections CP-1 and P2-5, along with CP-3 and P2-7, are at approximately the same location
and can be compared. Casting the closure pour resulted in a decrease of 0.025 in. in deflections
at the locations.
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Figure 3.18. Deflections for load point B11 before and after casting the closure pour

3.7 Ultimate Strength Results

Results for the ultimate strength tests are presented in the following sections. A single panel was
tested to its ultimate flexural strength. Strength testing on connected panels included testing to
the following failures: punching shear; combined punching shear and flexure; and flexure.

3.7.1 Single Panel Ultimate Test Results

Photographs of a single panel tested to failure are presented in Figure 3.19. A line load was
applied to the deck panel, and a flexural failure occurred at a load of 153 kips. Concrete that
spalled from the deck panel surface is visible in Figure 3.19a. In Figure 3.19b one can see
flexure cracks propagating up the side of the deck panel.

Two values for the experimental moment due to the line load were calculated; this was done
because the fixity provided by the supports was unknown. The first value assumes the support
beams acted as pinned supports and the second value assumes fixed supports. The experimental
moment was 368 ft-kips when the supports were treated as pinned and 184 ft-kips when fixed.
These values bracket the theoretical strength of 263 ft-kips, calculated using strain compatibility
equations. Because the theoretical strength lies between the pinned moment and fixed moment,
the support beams provided a fixity between pinned and fully fixed. Theoretical and
experimental flexural strengths for a single deck panel are presented in Table 3.7.

The largest concrete strains occurred along the axis of bending. Concrete strains are plotted in
Figure 3.20 for a load to 150 kips, and the location of each strain is shown in Figure 2.6. Point
P3-C8T experienced the largest strain (-3919 MII). This strain exceeds the strain value of -3000
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MII specified by ACI as the maximum useable strain at the extreme concrete compression fiber.
P3-C3T experienced -2969 MII of strain, and all other strains were less than -700 MII.

a) Deck panel after loading

b) Flexure cracks

Figure 3.19. Flexural failure of the single deck panel tested

Table 3.7. Single panel flexural strengths

Flexural Capacity Capacity (ft-kips)
Theoretical 263
Experimental (for pinned supports) 368
Experimental (for fixed supports) 184
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Figure 3.20. Concrete strain versus load for single panel ultimate load test

Deflections experienced during the test for a load up to 150 kips are plotted in Figure 3.21, and
locations of each deflection are shown in Figure 2.8. Deflections of the loaded span of the panel
were downward (negative), and deflections of the cantilevered sections were upward (positive).
P3-4 was at midspan at the location of the applied load and therefore experienced the largest
deflection, 0.95 in. at failure. Location P3-6 had a greater deflection change than P3-2 because
of the skew of the deck panel. Point P3-3 deflected 1.24 in. upward and experienced the largest
deflection during the test.

3.7.2 Nine Inch Square Footprint Results

A punching shear failure of the deck panel occurred at a load of 150 kips; photographs of the
deck panel from above after failing in punching shear are presented in Figure 3.22. The failed
concrete has been removed to show the reinforcing steel in Figure 3.22b. Inspection of the deck
panel after failure occurred showed the reinforcing steel had been pushed downward and caused
strips of the concrete to spall from the underside of the deck panel (Figure 3.22c).
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Figure 3.21. Deflection versus load for single panel ultimate load test

a) Top view of punching shear failure ootprint
Figure 3.22. Photographs of the deck panel after a punching shear failure
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Figure 3.22. Photographs of the deck panel after a punching shear failure

The theoretical punching shear was calculated using concrete shear strength equations published
by ACI (2005). A concrete compressive strength equal to 7,600 psi (from the concrete strength
testing) was used to determine the theoretical punching shear strength. The experimental shear
force was 146 kips, which exceeded the theoretical strength of 135 kips by 8%. Theoretical and
experimental punching shear capacities are presented in Table 3.8.
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Table 3.8. Punching shear capacity

Capacity Shear Force (Kips)
Theoretical 135
Experimental 146

Concrete strains experienced during loading were measured for loading up to 140 kips and are
plotted in Figure 3.23; locations for each strain are shown in Figure 2.6. Strains were recorded
only to 140 kips because failure occurred prior to the next automated reading by the DAS. Strain
gages at concrete strain locations on Panel 1 did not measure the strain accurately and are
excluded from the plot. Strains were the largest in the closure pour, reaching -1101 MII prior to
failure. This value was less than -3000 MII, which is specified by ACI as the maximum useable

strain at the extreme concrete compression fiber. The maximum strain measured in Panel 2 was
118 MII.
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Figure 3.23. Concrete strain versus load for 9 in. square footprint loading

A maximum steel strain experienced during testing was a tensile strain of 1740 MII. This strain
is equivalent to a stress of 50 ksi, which is less than the bar yield stress of 60 ksi. Steel strains
for the closure pour hooked bars are presented in Figure 3.24 for loading to 140 kips. Locations
for each strain are shown in Figure 2.7. As expected, the bottom bars of each hook were in
tension throughout the test. Half of the top bars started as compression reinforcement and
carried tension by the end of the test as a result of the concrete cracking and the depth of the
compression zone in the concrete decreasing.
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Figure 3.24. Closure pour steel strain versus load for 9 in. square footprint loading

of each plotted strain is shown in Figure 2.7. From the figure, one can see the Panel 2

reinforcement carried more load than the Panel 1 reinforcement, as only one instrumented bar on
Panel 1 experienced over 140 MII. This load distribution would be expected because the load
was closer to the Panel 2 bars. All of the bars were in tension as the panel underwent negative
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bending about the support, and the top bars experienced the largest strains. The largest strain
was 1158 MII in Bar P2-S2T.
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Figure 3.25. Steel strain versus load for 9 in. square footprint loading

Deflections for the 9 in. square footprint test show the closure pour was stiffer than the rest of
the deck panels. The maximum deflection measured for the closure pour was 0.02 in. and was
0.032 in. for a non-cantilevered section of the deck panels, even though the load was applied
next to the closure pour. Plotted in Figure 3.26 are deflections experienced for loading up to 140
kips at the locations shown in Figure 2.8. Changes in deflection at P1-2 and P2-2 were less than
0.002 in. and were not plotted for clarity. These deflections were less than anticipated due to the
nearby restraining beam limiting the positive deflection of the deck panels. When observing the
data, one will notice the deflections had a sudden increase in the positive direction for loads
between 80 kips and 100 kips. This sudden change in the deflections could not be explained by
the researchers, as nothing abnormal was observed during testing and the strain data for the
concrete and reinforcing bars does not exhibit a similar response.

3.7.3 Tandem Wheel Footprint Results

Failure occurred at a load of 157 kips do to a combination of punching shear and flexure. Figure
3.27 is a photograph of the deck panel failure caused by the tandem wheel footprint. In this
figure, the concrete that failed around the footprint due to punching shear can be seen, along with
the concrete that spalled from the surface due to bending.

Provided in Table 3.9 are the theoretical and experimental flexure and shear capacities of a deck
panel for loading by a tandem wheel footprint. Experimental values were calculated with statics,
theoretical flexure strength from strain compatibility equations, and punching shear strength
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from equations in ACI Building Code Requirements for Structural Concrete (2005). A
comparison of the values shows the applied moment (298 ft-kips) exceeded the theoretical
flexural strength (263 ft-kips) by 14%. One reason for this is the support beams provided some
restraint, reducing the applied moment by providing additional fixity. Also of note is the applied
shear (150 kips) was 80% of the theoretical punching shear capacity (188 kips), yet a punching
shear failure occurred. The punching shear capacity may have been reduced because of the
flexural cracks reduced the depth of concrete available to resist punching shear.
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Figure 3.26. Deflection versus load for 9 in. square footprint loading

Figure 3.27. Punching shear and flexure failure due to tandem wheel footprint
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Table 3.9. Theoretical and experimental capacities for the tandem wheel footprint test

Failure Mode Strength

Theoretical Punching Shear 188 kips

Applied Punching Shear 150 kips
Theoretical Flexural 263 ft-kips
Applied Moment 298 ft-kips

Closure pour hooked bar steel strain values were low, with the maximum strain being 342 MII.
This strain is equivalent to a stress of 10 ksi, which is significantly below the yielding stress of
60 ksi for the hooked bars. Steel strains experienced in the closure pour hooked bars are plotted
in Figure 3.28 for loads up to 149 kips; refer to Figure 2.7 for the location of each strain. Strains
are only plotted to a load of 149 kips because failure occurred prior to the next automated DAS
recording. Any strain less than 30 MII was excluded from the plot for clarity. The plot also
shows the top bars were in tension and the bottom bars in compression, meaning negative
bending occurred at the closure pour.
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Figure 3.28. Closure pour steel strain versus load for tandem wheel footprint

Mild reinforcement bar strains for loading to 149 kips are shown in Figure 3.29, and the
locations of each strain are presented in Figure 2.7. Excluded from the figure for clarity were the
strains in the Panel 1 bars, which all were less than -100 MII. Panel 2 strains were tensile, with
the top bar strains greater than the bottom bar strains by 800 MII on average. The strain in the
top bars of Panel 2 was similar in magnitude, showing load was distributed equally throughout
the deck panel. Bottom bar strains were less than 200 MII of strain. Point P2-S6T experienced
the largest strain (1054 MII) which is equivalent to a stress of 31 ksi.
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Figure 3.29. Steel strain versus load for tandem wheel footprint test

The highest concrete strain (-2163 MII) was at P2-C3T, which was closest to the applied load.
P2C8T was located on the axis of bending for the deck panel, which explains why the strain
experienced at this point was the second largest even though P2-C9T was located closer to the
load. The low strains in the closure pour verify the steel strains previously discussed and that a
low portion of the load was transferred to that section of the deck panel system. All the concrete
strains experienced during the tandem wheel footprint test for loading to 149 kips are plotted in
Figure 3.30, and locations for each strain plotted are given in Figure 2.6. Strains in Panel 1 were
not plotted because the gages malfunctioned, and strains in Panel 2 and the closure pour that
were less than -165 MII were excluded for clarity.
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Figure 3.30. Concrete strain versus load for tandem wheel footprint loading
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Deflections at the locations shown in Figure 2.8 are plotted versus loading to 149 kips in Figure
3.31. Panel 1 deflections were less than 0.007 in. and were not included in the plot for clarity,
along with the deflection at CP-2, which had the transducer removed after the 9 in. footprint test.
The cantilevered section adjacent to the loaded span deflected upward 1.11 in., and the loaded
span deflected downward 0.078 in. Point P2-2 had a greater deflection change than P2-6, a
result due to the skew of the deck panels.
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Figure 3.31. Deflection versus load for tandem wheel footprint loading

3.7.4 Line Load Results

A photograph of the deck panel failure due to an applied line load is shown in Figure 3.32;
Figure 2.29 presents the location of the applied load. The deck panel failed due to flexure at an
applied load of 196 kips. This load is equivalent to a moment of 372 ft-kips, which exceeds the
theoretical flexural strength of 263 ft-kips. These values are given in Table 3.10. The applied
moment value was calculated by using statics and treating the deck panel system as a simply
supported continuous beam. However, the support beams supply some restraint against rotation,
which was shown in the single panel test. Strain compatibility was used to calculate the
theoretical flexural strength of the deck panel.

Tensile strains in the closure pour steel were less than 310 MII, and compressive strains were
less than -100 MII. Every top bar was in tension, while half the bottom bars were in
compression and half in tension. The maximum strain experienced was 303 MII, which is
equivalent to a stress of 9 ksi. Closure pour steel strains are plotted in Figure 3.33 for loading to
189 kips, and locations for each strain are shown in Figure 2.7.
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Figure 3.32. Flexural cracking in deck panel due to applied line load

Table 3.10. Deck panel moment capacities

Failure Type Capacity (ft-Kkips)
Theoretical Flexure 263
Applied Moment 372
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a) CP-S1 through CP-S5, top and bottom bars
Figure 3.33. Closure pour steel strain versus load for applied line load
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Figure 3.33. Closure pour steel strain versus load for applied line load

Plots of concrete strains and steel strains for the post-tensioning channel reinforcement are not
provided for this test. Concrete strain gages on Panel 1 malfunctioned, and strains for Panel 2
and the closure pour were less than 100 MII. Panel 1 steel strains also were not measured
correctly, so these strains were discarded.

Deflections experienced during this test are plotted for loading up to 189 kips in Figure 3.34, and
locations of each deflection are given in Figure 2.8. Deflections along the closure pour and
Panel 2 were less than 0.08 in. and were excluded from the plot for clarity. As one would
expect, the loaded span deflected the most, with the panel deflecting 0.808 in. at midspan.

Points P1-2 and P1-6 deflected different amounts because of the skew of the deck panels. The
cantilevered portion of the deck panel deflected upward, with P1-3 deflecting 0.139 in.
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Figure 3.34. Deflection versus load for applied line load
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4. SUMMARY, CONCLUSIONS, AND RECOMMENDATIONS
4.1 Summary

Three deck panels were obtained from Andrews Prestressed Concrete, Inc. for laboratory testing.
Testing included determining the concrete strength of the deck panels, determination of the stress
in the mild reinforcing due to the prestressing force, determining strains in the panels while
lifting them with a crane, determining the strains in the panels while leveling them, observation
of the concrete flow through a model of the longitudinal post-tensioning channel, service load
testing of individual panels and two panels with the closure pour in place, and ultimate strength
testing of a single panel and connected panels.

4.1.1 Concrete Strength Testing Summary

Three concrete cores were removed from one deck panel after the conclusion of testing and
tested to determine the compressive strength of the concrete. The strength of the cores was
assumed to be representative of the three deck panels. Cores were found to have an average
strength of 7,600 psi, which exceeds the specified compressive strength of 5,000 psi by 27%.

4.1.2 Stresses in Mild Reinforcing Due to Prestressing

Strains in six mild reinforcing bars were measured while the prestressing strands in one
longitudinal channel were cut. Stresses in five of the six bars were less than the theoretical
compressive stress with prestressing losses considered of 20.7 ksi. Bar 2B had the largest stress
(21.5 ksi), exceeding the theoretical compressive stress minus losses by 4%. The lowest stress
was found in Bar 2T (13.0 ksi), 37% less than the theoretical compressive stress considering
losses.

The average stress in the top and bottom bars was calculated and compared. Top bars were
found to be under an average compressive stress of 14.2 ksi. Bottom bars experienced an
average compressive stress of 17.9 ksi. Both of these values were less than the theoretical
compressive stress minus prestressing force losses which was 20.7 ksi.

4.1.3 Lifting Panel Strain Summary

Temporary strains induced in the mild reinforcement in the longitudinal post-tensioning channels
were measured during the crane lifting tests. Two different strap configurations were used to lift
a deck panel, and the panel was lifted twice for each setup. The first configuration used four
straps, with each strap wrapped around two groups of bars (see Figure 2.12). Bar IT
experienced a strain of 251 MII, the largest strain during this test. This strain is equivalent to a
moment of 0.48 in.-kips (a stress of 7.3 ksi). Using the calculated moment, the theoretical
compressive force in the bar due to prestressing (15.5 kips), and Equation H1-1a in the 13th
Edition of the AISC Steel Construction Manual (Equation 2 in this report), the percentage of the
bar strength used was 60%.
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Lifting configuration two used two straps to lift a deck panel, with one strap wrapped around all
the bars in the bottom layer of a post-tensioning channel (see Figure 2.13). Bar 2B experienced
the largest strain during this test, 231 MII. This strain is equivalent to a moment of 0.44 in.-kips
(a stress of 6.7 ksi), and resulted in 60% of the bar strength being used when combined with the
compressive force present due to prestressing.

The utilization of bars for the four lifting strap test ranged from 54% to 61%; utilization for the
two lifting strap configuration ranged from 54% to 60%. These results show the strains in the
bars essentially did not vary with the two strap configurations tested.

4.1.4 Leveling Test Summary

A deck panel was leveled in the laboratory to the slope required in the field bridge. Eight
additional tests were conducted to determine the deck panel’s response to various slopes, with
strains experienced in the mild reinforcing bars recorded during the testing. A strain of -595 MII
(a stress of 17.3 ksi) was experienced in Bar 2T, and was the largest strain in any bar during
testing. Using a compressive force of 15.5 kips and the AISC interaction equation, Bar 2T used
70% of the available capacity.

4.1.5 Longitudinal Post-Tensioning Channel Concrete Placement Test Summary

A model of the post-tensioning channel was created to observe the flow of concrete through the
channel in a laboratory setting. The model provided a worse-case scenario for flow, as the
stirrups and mild reinforcement were at a lower height than would be encountered in the field
due to panel leveling. Concrete was observed to flow around all of the steel in the channel and
leave no void spaces.

4.1.6 Service Load Test Summary

Service load testing was conducted on an individual panel and on two connected panels. Loads
on the individual panels ranged from 20 kips on cantilevered portions to 48 kips on the interior
span. A 9 in. square footprint was used to apply the load. Load was applied at eight points on
Panel 1 and 14 points on Panel 2 (see Figure 2.21). Application of load to eight of the same
points on the two panels allowed for comparison of results. Deflections at the same locations for
the same load points on the two panels were found to be within 0.005 in.

Concrete strains, steel strains, and deflection data were recorded during testing. Steel strains
induced by the cantilevered portions of the deck panel bending over the support girders resulted
in a maximum strain of 101 MII. Concrete strains were less than -253 MII. All deflections were
within the AASHTO limits for the respective span lengths, with the maximum interior deflection
equaling 0.067 in. The maximum cantilever deflection for a 16 kip load, a load equivalent to a
HS 20-44 wheel load, was 0.146 in.

Load was applied at 19 different location in the connected panel service load tests; applied loads
were limited to 20 kips on cantilevers and 40 kips on interior spans. Steel strains for the closure
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pour hooked bars reached a maximum strain of 307 MII during service load testing, which is
significantly less than the yield strain of 2069 MII for Grade 60 reinforcement. The maximum
strain experienced in a mild reinforcing bar was a tensile strain of 278 MII. Concrete strains did
not approach ACI limits for the maximum useable compressive strain of -3000 MII, having a
maximum value of -286 MII. As one would expect, deck panel deflections decreased after
casting the closure pour. Changes in deflection decreased 0.025 in. for a 40 kip load at B11 after
the closure pour was cast.

4.1.7 Ultimate Strength Test Summary.

Four ultimate strength tests were conducted on the deck panels. An individual panel was tested
to flexural failure, and three tests were conducted on two connected deck panels. The single
panel failed in flexure at a load of 153 kips, or a moment equal to 368 ft-kips for pinned supports
and 184 ft-kips for fixed supports. These values bracket the theoretical strength of 263 ft-kips,
indicating that the laboratory support girders provided a fixity between pinned and fully fixed.

The second ultimate strength test was an attempt to fail the closure pour connecting the panels;
however, the deck panel next to the closure pour failed in punching shear instead. A 9 in. square
footprint was used in this test, and failure occurred at an applied shear force of 146 kips. The
theoretical punching shear capacity for a 9 in. square footprint is 135 kips, which was 8% less
than the applied shear.

A tandem wheel footprint was used for the second ultimate strength test conducted on the
connected panels. This footprint resulted in a combinations punching shear and flexure failure at
a load of 157 kips. For this load, the applied shear was 150 kips and the moment was 298 ft-
kips. The theoretical punching shear was 188 kips, and the theoretical flexure strength was 263
ft-kips. Reasons for the discrepancies in the loading are: the restraining beams used to resist the
uplift forces caused by loading provided fixity to the system and decreased the applied moment;
punching shear capacity was reduced because flexure cracks in the deck panel reduced the depth
of concrete available to resist shear stresses.

For the final ultimate strength test, the connected panels were tested to flexure failure. A beam
was used to apply a 196 kip load to the panel as a line load. The applied moment of 372 ft-kips
exceeded the theoretical flexural strength of 263 ft-kips by 41%; however the restraining beams
used to resist the uplift force provided some fixity to the system, reducing the applied moment to
a value less than that given.

4.2 Conclusions
4.2.1 Concrete Strength Testing Conclusions
The following conclusions can be drawn from the concrete strength tests:

e The average compressive strength of the concrete cores was 7,600 psi.
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e The average strength exceeded the specified strength of 5,000 psi by 27%
4.2.2 Stresses in Mild Reinforcing Due to Prestressing
The following can be concluded about the stresses in the mild reinforcing due to prestressing:

e Stresses in five of the six instrumented bars were less than the theoretical stress minus
prestress losses (20.7 ksi).

e Top bars had an average stress of 14.2 ksi.

e Bottom bars had an average stress of 17.9 ksi.

4.2.3 Lifting Panel Strain Conclusions

The following conclusions can be drawn from the crane lifting tests conducted on the deck
panels:

e The maximum strain measured when lifting a deck panel with four lifting straps was 251
MII (a stress of 7.3 ksi).

e The utilization of the reinforcing bar capacity due to combined bending and axial stresses
when lifted with four straps ranged from 54% to 61%.

¢ The maximum strain measured when lifting a deck panel with two lifting straps was 231
MII (a stress of 6.7 ksi).

e The utilization of the reinforcing bar capacity due to combined bending and axial stresses
when lifted with two straps ranged from 54% to 60%.

e Because bar utilization ranged from 54% to 61% for four strap lifting and 54% to 60%
for two strap lifting, the strap configuration used did not have a significant effect on the
reinforcing bars.

e Bars were less than 100% utilized for both lifting configurations, showing both are
acceptable for use.

4.2.4 Leveling Test Conclusions
The following conclusions can be drawn from the leveling tests conducted on the deck panels:

e The maximum strain measured during the leveling tests was -595 MII (a stress of 17.3
ksi).

e The utilization of the reinforcing bar due to combined bending and axial stresses ranged
from 60% to 76% of the capacity.

e Mild reinforcing bars did not exceed the available strength during any of the leveling
tests.

87



4.2.5 Longitudinal Post-Tensioning Channel Concrete Placement Test Conclusions

The following can be concluded from the longitudinal post-tensioning channel concrete
placement test results:

e Concrete was observed flowing below the leveling device.
e Concrete was observed flowing between the post-tensioning strands.
e No void spaces were observed in the channel during the tests.

4.2.6 Service Load Test Conclusions
The following conclusions can be drawn from the service load test results:

e Strains induced in the reinforcing bars during tests without the closure pour cast were
less than yielding, with 101 MII (a stress of 2.9 ksi) the maximum strain experienced.

e Deflections of the deck panel between the supports reached 0.067 in. prior to casting the
closure pour, which was within the AASHTO limit of 0.125 in.

e Strains in the concrete before casting the closure pour reached -253 MII, which is less
than the value of -3000 MII recommended by ACI as the maximum useable compressive
strain.

e The deflection of the cantilever portion of the deck panel reached 0.146 in. for a 16 kip
load prior to casting the closure pour, which is within AASHTO limits.

e Reinforcing steel experienced 278 MII of strain (a stress of 8.1 ksi) in tests after the
closure pour was cast.

e Strains in the hooked bars in the closure pour reached 307 MII (a stress of 8.9 ksi), which
is less than the yielding strain of 2069 MII.

¢ The maximum strain measured in the concrete after the closure pour was cast was -286
MII, which is less than the -3000 MII recommended by ACI as the maximum usable
compressive strain.

e The maximum deflection of a portion of the deck panels spanning between two support
beams after the closure pour was cast was 0.051 in., which was within the AASHTO
limit of 0.125 in.

e Deflections of the deck panel spanning between support beams decreased by 18% after
the closure pour was cast.

e Cantilever deflections decreased 49% or more after the closure pour was cast.

4.2.7 Ultimate Strength Test Conclusions

The following conclusions can be made from the ultimate strength test results:

e The support beams provided a fixity between pinned and fully fixed. A single panel
failed under an applied moment of 368 ft-kips if the supports are pinned or 184 ft-kips if
the supports are fixed. The theoretical moment capacity was 263 ft-kips.
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The experimental punching shear capacity of the deck panels for a 9 in. square footprint
was 146 kips, which was 8% greater than the theoretical strength of 135 kips.

A deck panel failed under combined flexure and punching shear for a load applied by a
tandem wheel footprint. The applied moment at failure was 298 ft-kips, 13% greater than
the theoretical flexural capacity of 263 ft-kips. The shear force at failure was 150 kips,
80% of the theoretical punching shear of 188 kips.

The moment applied to the two deck panel system was 372 ft-kips, exceeding the
theoretical capacity of 263 ft-kips by 41%. The difference in values was due to the fixity
provided by the support beams.

Deck panel failures occurred at loads much greater than those the panels would be
exposed to in the actual field bridge.

4.3 Recommendations

The following actions are recommended based on the laboratory testing of the deck panels:

The mild reinforcement and prestressing force should be evaluated to produce a more
efficient deck panel section.

Additional testing should be conducted if panel lifting configurations other than those
tested are to be used.

Testing should be conducted to determine the strength benefit of having adjacent panels
in the longitudinal direction.

Strains should be measured during panel leveling and subsequent placement of concrete
in the longitudinal channels to determine if concrete placement has an effect on the
strains in the bars (i.e. if strains are permanent or temporary).
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EXECUTIVE SUMMARY

A full-depth precast deck bridge was built in Boone County in 2006 as a replacement for an
existing bridge. The bridge was constructed in an accelerated manner using precast concrete
components. A series of laboratory tests were completed by Iowa State University on individual
segments of the bridge. Detailed description and analysis of these tests can be found in sections 1
and 2 of Volume 1.

This third and final section of Volume 1 documents the field testing portion of this project. Two
field tests were carried out on the Boone County Bridge. The first took place the summer
following construction and the second took place one year later. A summary of the testing
process, instrumentation plan, and analysis of data are located in this report.

xi






1. BACKGROUND

The world moves at a constantly increasing pace. Traffic volumes rise along with the number of
bridge construction projects. In this fast-paced world, it can be difficult for construction crews to
keep up. It also is critical to keep impact on transportation at a minimum. This means getting
construction crews in and out of a job as quickly as possible. Much work has been done to find a
way to speed up the construction process of bridges in lowa. A variety of rapid construction
techniques can be used to accelerate the construction of bridges and minimize disruption to
traffic.

The importance of rapid construction technologies has been recognized by the Federal Highway
Administration (FHWA) and the lowa Department of Transportation (DOT). It was decided that
a bridge would be built in Boone County, Iowa to test accelerated bridge construction
techniques. Construction began on July 17, 2006 and concluded December 28, 2006. This bridge
underwent extensive tests during construction, in the laboratory, and in the field. Funding for the
design, construction, and evaluation of this project was provided by the FHW A-sponsored
Innovative Bridge Research and Construction (IBRC) Program. Funding for the laboratory
testing was provided by the lowa DOT and the lowa Highway Research Board; funding for the
documentation and the post-tensioning monitoring and verification was provided by the FHWA
and Boone County.

In the Boone County Bridge project, construction was accelerated using precast bridge elements.
Precast bridge components are cast off-site, allowed to cure, and transported to the site. Once at
the scene of construction, individual pieces of the bridge can be put together in a quick and
efficient manner. This process has advantages for the public, the owner, and the environment.

The most obvious advantage of rapid construction is time saved. Highways have higher daily
traffic volumes than ever before. It is important to shorten the length of construction in order to
reduce the impact on traffic flow. Traditional bridge construction processes require time to set up
forms, pour concrete, and allow concrete to cure. By using precast bridge elements, time on the
site is greatly reduced. Rapid construction is also less harmful to the environment than traditional
methods. This is especially apparent on bridges that cross bodies of water. Less time on the site
means fewer occurrences of pollution.

One disadvantage of rapid construction is that the initial cost of precast elements is more costly
than traditional construction methods. This extra cost can be offset by a reduction in labor costs.
Less time on the job site corresponds with a lower cost for labor.

The location selected for this bridge is in the northern part of Boone County. The bridge crosses
Squaw Creek on 120™ Street. The original bridge on this site was called the Marsh Arch Bridge.
The Marsh Arch Bridge is shown in Figure 1.1. The new bridge is a continuous, four-girder,
three-span bridge with a full-depth, precast deck and can be seen in Figure 1.2. The bridge is 151
ft - 4 in long with a width of 33 ft - 2 in. Deck panels are 8-inches thick, half the width of the
bridge, and pre-stressed in the transverse direction. Each panel had two full-depth channels,
located over the pre-stressed girders, for post-tensioning. Once the panels were erected, the



entire bridge deck was post-tensioned in the longitudinal direction, after which the post-
tensioning channels were grouted. Precast pier caps and precast abutments were also used in the
bridge substructure.

Figure 1.1 Marsh Arch Bridge originally on 120th St

Figure 1.2 Completed replacement bridge on 120th St

Extensive testing was performed on this bridge. Three stages of testing took place: construction,
laboratory, and field testing. During construction, strain gages were attached to the post-
tensioning bars in the bridge deck panels. These gages were monitored during the post-
tensioning process. The gages remain in the bridge deck and can be monitored at any time. The
laboratory portion of testing took place at the Iowa State University Structures lab. The
individual bridge elements that were tested in the lab were the precast abutments, pier caps, and
bridge deck panels. Finally, two field tests were performed using strain and deflection gages.
The tests were conducted in the summers of 2007 and 2008. The field tests consisted of static
and rolling cases using standard tandem-axle gravel trucks. These trucks were provided by
Boone County.



2. FIELD TEST
2.1 Introduction

The initial field test was performed on June 28, 2007. A combination of static and rolling loads
were used to create critical load cases on the bridge. These loads were simulated by typical
tandem-axle gravel trucks. During the test, strains and deflections were measured by transducers
located at critical sections of the bridge. Installation of the instrumentation and all runs of the test
vehicles were completed in one day. For descriptive purposes, the three spans are numbered 1
through 3 from east to west. This makes Span 1 the first span crossed by the truck and Span 3 the
last span crossed by the truck. The four girders are numbered 1 through 4 from south to north
and the two piers are described as east and west piers.

In addition to the strain and displacement transducers, vibrating wire gages were also monitored.
These vibrating wire gages were originally installed during construction to measure strains
during the post-tensioning process. The gages remain in the bridge and can be used to monitor
strains in bridge during field tests. The gages were monitored during the static test by a switch-
and-balance system.

2.2 Strain and Displacement Instrumentation Description

Instrumentation was installed on the bridge in order to determine maximum loading stresses and
deflections on the bridge. Flexural strains in the concrete girders and guardrail were measured by
strain transducers while string potentiometers measured deflections along the mid-span of the
central span. A total of 36 strain transducers and 9 deflection transducers were used during the
test. The instrumentation layout of these gages can be seen in Figure 2.1.
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Figure 2.1 Final instrumentation layout used for first field test

Gage installation was completed on the morning of the test. Strain transducers were applied to
top and bottom flanges of specific girders or on the bottom of the bridge deck. The locations of
the strain gages on top and bottom flanges are shown in Figure 2.2. Deflection transducers were
secured to a level platform near ground level and connected to the bridge superstructure with



piano wire. A tripod system was set up below the bridge to provide a level surface for the string
potentiometers. This tripod system can be seen in Figure 2.3.
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Figure 2.2 Typical strain gage locations on concrete girders

Figure 2.3 Tripod system used to support displacement transducers

The mid-span of Span 2 was a heavily instrumented area due to the potential for maximum
deflections and strains. At this location, each girder was instrumented with a deflection gage and
a top and bottom flange strain gage. In addition to the girders, the closure joint at mid-span was
instrumented to check for significant deflection and strain differential between the sides of the
joint. The gage configuration at the closure joint is shown in Figure 2.4. Along with the mid-
span, the east side of the west pier had strain gages at all four girders. These strain gages were
used to analyze negative moment conditions at this pier.



Figure 2.4 Instrumentation layout at closure joint

Span 3 also contained a significant amount of instrumentation. At this span, Girders 1 and 2 had
strain gages at the west abutment, mid-span and west side of the west pier. All strain gages
located at abutments and piers are installed a distance of 32” (girder depth) from the abutment or
pier. In addition to the strain gages, one deflection transducer was installed on Girder 2 at mid-
span. A tripod system was not needed for the transducer at this location. Instead, the string
potentiometer was fixed to a board and secured to the rip-rap below on the ground.

Instrumentation was less concentrated at Span 1. At this location, strain gages were installed on
Girders 1 and 2 at the east abutment. These strain gages were used to compare behavior of east
and west abutments. In addition to the strain gages, a deflection transducer was installed on
Girder 2 at mid-span. The location and set up of this gage is identical to the deflection gage at
Span 3.

The final element monitored during the test was the guardrail. A single strain transducer was
applied directly to the top of the south guardrail at the mid-span of Span 2. This gage was used to
determine behavior of the guardrail during rolling tests.

2.3 Vibrating Wire Instrumentation Description

Vibrating wire gages were installed within the deck panels prior to concrete placement in order
to monitor strains during the post-tensioning process and additional field tests. Twelve vibrating
wire gages were installed in four of the deck panels. The deck panels were labeled A, B, C and D
and can be seen highlighted in Figure 2.5. These gages were concentrated near the southern-most
post-tensioning channel. A different number of gages were located at each panel. Each deck
panel consisted of four gage locations as shown in Figure 2.6. A gage located at deck panel C
and location 2 is therefore designated as Gage C2. Each panel contained gages at different
locations. The gage locations at each panel can be seen in Table 2.1.
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Figure 2.5 Deck panels instrumented with vibrating wire gages
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Figure 2.6 Typical VWG locations in deck panels

Table 2.1 Gage numbers and locations in each deck panel

Deck Panel|No. of Gages| Gage Location
A 2 Al, A2
B 3 Bl1, B2, B3
C 4 Cl1,C2,C3,C4
D 3 D1, D2, D3

An additional seven vibrating wire gages were installed on post-tensioning strands throughout
the bridge. These gages were labeled 1 through 7 and their locations can be seen in Figure 2.7.
All seven gages were monitored during the post-tensioning process. At the conclusion of this
procedure, gages 1, 2 and 4 were removed. The remaining four gages were left in place for use
during field tests. As a result, strains in each of the four longitudinal joints can therefore be
monitored at the middle of the bridge.
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Figure 2.7 Post-tensioning vibrating wire gage locations

Some issues with the vibrating wire gages prevented the monitoring of a few of the gages during
the field test. Gages B1 and B2 were not recorded because they did not read on the switch-and-
balance system. Also, gages in Deck Panel C were not recorded because their wires were too
short to reach the switch-and-balance machine.

2.4 Load Vehicles

The two test vehicles used to simulate traffic loads were standard tandem-axle gravel trucks,
which were provided by Boone County. The trucks were loaded and axle weights and gross
weights were recorded as shown in Table 2.2. An assumption has been made that the rear axle
load is split evenly between the two axles. The critical lengths of each vehicle were recorded
prior to the test. The two trucks had identical dimensions which are shown in Figure 2.8.

Table 2.2 Test vehicle loads

Truck # Front Axle | Rear Axle Gross
(Kips) (Kips) Weight
29 17.46 18.16 53.76
31 17.22 18..16 53.52
Sl NN s s = —
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Figure 2.8 Test vehicle dimensions



2.5 Test Lanes

The field test was run on five different traffic lanes as shown in Figure 2.9. These lanes were
chosen to produce maximum effects on the bridge. The trucks followed the lane line with the left
tire for Lane 1 and the right tire for Lanes 2 through 5. Lane 1 is located 2 feet north of the south
guardrail. Lane 2 is positioned 3 feet south of the centerline. Lane 3 is directly on the centerline.
Lane 4 is 3 feet north of the centerline and Lane 5 is two feet south of the north guardrail. Lanes
1 and 5 are used to evaluate exterior loads and can be used in comparison of symmetry. Lane 4 is
use to place the truck over the center of the bridge. Lanes 2 and 3 are used to evaluate load
transfer as the truck is shifted across the bridge width. The test vehicle can be seen driving on
Lane 3 in Figure 2.10.

Figure 2.10 Test vehicle in Lane 3 position



2.6 Static Tests

Static load tests were conducted on the bridge to evaluate maximum load cases on the bridge.
Three different load cases were devised to produce maximum effects at a certain point of
interest. Each of these three load cases was performed on Lanes 1, 2 and 4. Load Case 1 was
made up of Truck 31 at the mid-span of Span 2 and Truck 29 at the mid-span of Span 1 as shown
in Figure 2.11. This load case produced a maximum negative moment at the east pier. Load Case
2 was made up of Truck 31 at the mid-span of Span 3 and Truck 29 at the mid-span of Span 1 as
shown in Figure 2.12. This produced the greatest maximum moment in Span 2. Load Case 3 was
made up of Truck 29 at the mid-span of Span 2 as shown in Figure 2.13. This produced a
maximum moment at Span 2. The center of the rear tandem axles was used as the position point
on the truck. The truck layout for each load case can be seen in Figure 2.14. The traffic lanes
used in these tests are shown in Figure 2.9.
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Figure 2.12 Static test (Load Case 2)
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Figure 2.14 Load cases for static tests

The static test procedure was as follows. The data acquisition system was activated and Truck 31
was led to the mid-span of Span 2. As soon as Truck 31 was set, Truck 29 was placed at the mid-
span of Span 1 to make Load Case 1. After a significant amount of data was taken, Truck 29 was
brought to the mid-span of Span 3. Truck 31 remained in its position at the mid-span of Span 1

to make Load Case 2 complete. For Load Case 3, Truck 31 continued off of the bridge and Truck
29 moved to the mid-span of Span 2. The static tests for Lanes 2 and 4 were a repetition of this
procedure.

2.7 Rolling Tests

Rolling tests were conducted after the static tests. A rolling test consists of one single truck
slowly moving across the bridge along a single lane. The truck speed in maintained at
approximately 5 mph. A rolling test was performed twice on each of the five traffic lanes. Three
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trials were done on Lane 1 because of a communication error on test 1.1. Duplicate tests were
performed in order to compare tests and account for any irregularities. A drawing of the five
driving lanes used for the rolling tests can be reviewed in Figure 2.10.

A total of fifteen marks were drawn across the bridge at certain positions. These marks are used
to allow the position of the truck to be found in relation to the data. A mark was made at all
abutments, quarter spans, mid spans, third-quarter spans, and piers. In addition to these bridge
marks, a beginning mark was made 10 feet before the east abutment and an ending mark was
made 20 feet beyond the west abutment. The positions of the first and last mark ensure that data
is taken before the truck on the bridge until it is completely off. During the test, the operator of
the data acquisition system made a note each time the rear axle of the testing vehicle crossed a
mark. This allows the researcher to approximate where the truck was at any specific moment
during the test.

The rolling test data was acquired using the same equipment as in the static tests. The truck was
lined up with the appropriate lane and brought to a halt at about 20 feet before the east abutment.
The data acquisition system was then switched on and the truck began across the bridge at a
constant crawling speed. Marks were taken as the rear axle of the testing vehicle passed each
mark on the bridge. When the truck passed the last mark, the data acquisition system was turned
off.

11



3. DATA ANALYSIS

Strain and displacement data were analyzed bridge performance. Several graphs from the field
test data are presented. These graphs were chosen because they best describe the behavior of the
bridge. The bridge experienced very little displacement or strain during the test. Upon
examination of the data, it was determined that two of the displacement gages were not
operational. Later in the report, these two gages are pointed out and values are assumed for these
locations. Errors in the test can be attributed to the small values, gage malfunctions, and gage
vibrations. Marks were taken each time the right rear axle reached a quarter-span line.

3.1 MS 2 Analysis

Strains and displacements at MS 2 were recorded as the truck moved across the bridge. This
process was replicated for all five lanes. Figure 3.1a and Figure 3.1b show the displacement and
strain profiles, respectively, at MS 2 when the right rear axle of the truck was located at MS 2.

MS 2 Deflection Profiles

The deflection profiles shown in Figure 3.1a portray the movements of the girders due to the
weight of the truck. It is important to note that the displacement gage located on Girder 3 was
not operating during the test. Values have been assumed to complete the profiles on the graph.
Trend lines to and from this point have been dashed to indicate this assumption. Lanes 1 and 5
illustrate the activity at the midspan when the truck is at each guardrail. Both profiles are most
displaced at the nearest girder and go to zero at the far girder in a fairly straight line. As
expected, the profiles created by Lanes 1 and 5 are nearly symmetric. Lane 4 gives the deflection
profiles with the truck is on the bridge centerline. The displacement profile in this traffic lane is
symmetric about the centerline as anticipated. The profiles of Lanes 2 and 3 are almost identical.
The greatest deflection occurred on Girder 2 when the truck was in Lane 3.

MS 2 Strain Profiles

The strain profiles shown in Figure 3.1b reveal forces in the girders at MS 2 when the rear axle
was located at MS 2. Lane 1 shows the high tension forces in the girder nearest the truck with a
straight line trend to zero at the other side. Lane 5 is symmetric to Lane 1 except for the gage at
Girder 4. It is possible that this gage also was not working at the time. Lane 4 depicts the strain
profile when the truck is on the bridge centerline. The profile is symmetric about the centerline.
Lanes 2 and 3, as with the deflection profiles, are quite similar. Lane 3 once again has the higher
value of strain.
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Figure 3.1 MS 2 Deflection and Strain (Lanes 1-5)

MS 2 Profiles from Static Loading

Midspan 2 Profiles were analyzed for both strain and deflection when the trucks were in Load
Cases 1 through 3. The deflection profiles are in Figures 3.2a, 3.3a, and 3.4a. The strain profiles
are in Figures 3.2b, 3.3b, and 3.4b. The truck loading case is shown above each set of Figures.
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MS 2 Deflection Profiles

Load Case 1 and 3 created almost identical deflection profiles at the midspan of Span 2. The load
pattern in Lane 1 created a straight-line deflection profile from Girder 1 to Girder 4 with Girder

1 having a maximum deflection of -.05 inches. Lanes 2 and 4 generated the greatest deflection at
Girder 2. Loading in Lane 4 did not produce a symmetric profile about the centerline as
expected. This unanticipated behavior can be attributed to the problem with the gage on Girder
3. Load Case 2 produced a very small amount of deflection with a maximum deflection of .008
inches. The bridge deflected slightly upward as would be expected.

MS 2 Strain Profiles

Load Cases 1 and 3 produce very similar strain profiles. Lane 1 loading creates a straight-line
strain profile from Girder 1 to Girder 4 with Girder one having a maximum strain of
approximately 45 microstrains. Lanes 2 and 4 produce very similar strain profiles. Maximum
strain occurs in Girder 2 in these cases. Load Case 3 creates very little strain in the Midspan 2
profile. Maximum strain in this case is approximately -8 microstrains.
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3.2 Girder 2 Analysis

The behavior of Girder 2 was also analyzed. Girder 2 is a full-length precast concrete girder.
Deflection gages were applied on the midspans of each span in order to get a general idea of the
deflection profile. These deflections are the main focus of analysis for this element of the bridge.

Girder 2 Deflection Profiles

The Girder 2 deflection profile is shown below in Figure 3.5. This profile corresponds with the
rear axle positioned over MS2. All five traffic lane conditions are included. A maximum
deflection of -.05 inches was found when the truck was in Lane 3. Lanes 2 and 4 were very
similar with slightly less deflection than Lane 3. As expected, the Lane 5 condition created the
least amount of deflection. The transducer at MS 1 was not working correctly, so it was assumed
that MS 1 values were equal to MS 3 values.
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Figure 3.5 Girder 2 Deflection Profile (Lanes 1-5)

Girder 2 deflection profiles were also monitored during each static load test. The data is
presented in Figures 3.6a through 3.6¢. Load Case 1 and 3 produce the greatest deflection at MS
2. Very small displacements were recorded at MS 1 and MS 3. This can be attributed to the fact
that they are end spans and have shorter span lengths. As stated above, MS 1 was assumed due to
faulty testing equipment.
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Load Case 1

Figure 3.6 Girder 2 Deflection Profiles (Load Cases 1-3)
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Figure 3.6 Girder 2 Deflection Profiles (Load Cases 1-3)

Girder 2 Deflection History

Deflection gages were recorded as the truck traversed the bridge. Figures 3.7a - 3.7¢ show data
from the gages along Girder 2 during this time. Gages were located at the MS of each span. The
graphs show that MS 2 consistently deflected more than MS 1 and MS 3. These graphs verify
earlier graphs by showing greatest deflection occurring when the truck was in Lane 3. Once
again, Lanes 2 and 4 produced slightly less deflection than Lane 3 and Lane 5 produces the
smallest amount of deflection. MS 1 and MS 3 deflected a maximum distance approximately
equal to 80% of the maximum deflection experienced at MS 2.

Figure 3.7 Girder 2 Deflection History (MS Gages)
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3.3 East Side of West Pier Strain Profiles

Strain gages were installed at the east side of the west pier in order to evaluate strain at this
location. It was possible to investigate the strain profile at this location at anytime during each of
the five traffic lane tests. Figure 3.8 shows the strain profiles at the east side of the west pier for
each traffic lane when the rear axle was at MS 1. A maximum compression of 15 pe occurred
when the truck was in Lane 2. The maximum negative condition could be attained by placing a
truck at MS 1 and MS 2. The maximum negative strain condition at the pier can therefore be
assumed to be twice the maximum strain from one truck, or 30 pe. Virtually no strains were
generated when the truck was in Lane 4.

el E—

Microstrain

—&—Lane |
—#— Lane 2
Lane 3
Lane 4
—&—Lane 5

0 5 10 15 20 25 30 35

Bridge Width, ft

Figure 3.8 East Side of West Pier Strain Profile (Rear Axle at MS 1)
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3.4 South Guardrail Strain History

A strain gage was located on the top of the south guardrail at MS 2. This strain gage was
monitored as the truck traversed the bridge in each of the five traffic lanes. Figure 3.9 illustrates
the strain in this guardrail relative to the position of the truck on the bridge. A maximum
negative strain of 32 pe occurred in the guardrail while the truck was in Lane 1. This significant
amount of strain establishes the fact that the guardrail contributes to the stiffness of the bridge.
Strain in the guardrail lessens as the truck passes further from the south side of the bridge. Strain
in the south guardrail is virtually zero when the truck is in Lanes 4 and 5.

Microstrain

MS2 : WPier: MS 3

Lane 5

-35

0 20 40 60 80 100 120 140 160

Bridge Length, ft

Figure 3.9 South Guardrail Strain History
3.5 Abutment Strains

Strain transducers at both abutments were monitored during each of the five traffic lanes. Data
from the west abutment and east abutment are shown in Figures 3.10a and 3.10b, respectively.
The Lane 2 loading condition was used for these graphs because it was the maximum strain
condition for the abutments. Strains on the graphs are shown relative to the position of the truck
on the bridge.
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Figure 3.10 Abutment Strain History
3.6 Girder 1 Strain History

Strain transducers were located on the bottom flange of Girder 1 at the midspan of spans 2 and 3.
Strains in these locations relative to the position of the truck can be seen in Figures 3.11a-3.11e.
The five graphs each represent data from a different traffic lane loading condition. As expected,
the greatest strains occurred when the truck was in Lane 1. Strains decreased with each
successive lane. Lane 5 is not included in the report due to the lack of significant strain values.
Strain gages were not located at the MS 1 location. MS 3 had a maximum strain equal to
approximately 80% of the maximum strain of MS 2. This was determined using Lanes 1, 2 and
3. Lane 4 data was too insignificant to compare.
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3.7 Composite Behavior Analysis

Composite behavior was analyzed at each girder location of MS 2. Three strain locations were
used: top flange, bottom flange and post-tensioning strand. Strains at the top and bottom flange
of each girder were grouped with the strains from the corresponding post-tensioned strand to
make a strain depth profile. Strain depth profiles for each girder during LC 1.1 are shown in
Figures 3.12a through 3.12d. A structure experiencing composite behavior should exhibit a
straight-line strain profile along its depth. It was found that Girders 2 and 3 consistently
demonstrate straight-line strain depth profiles throughout each load case. Girders 1 and 4,
however, do not show evidence of straight-line strain behavior. This is most likely due to
defective instrumentation on the bridge. It is believed that the VWG at Girders 1 and 4 are
damaged. This may be due to over straining of the gages during the post-tensioning process. In
addition, the strain BDI gage at the bottom flange of Girder 4 is assumed to be faulty.
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Figure 3.12 Strain Depth Profile (Girders 1-4)
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The top and bottom flange strains were used to calculate a theoretical strain at the level of the
post-tensioned strand. The actual strains were then compared to the theoretical strains. The
theoretical strains calculated further enforce the possibility that VWG at Girders 1 and 4 are not
working. Data for LC 1.1 can be seen in Table 3.1. PT¢ and PT, correspond to the calculated
theoretical post-tensioning strain and the actual post-tensioning strain during the test. The
difference between these two values is given as APT. Theoretical strain was calculated using a
straight line interpretation along the girder-deck cross section.

Table 1.1 Strain Depth Data

Gl G2 G3 G4
APT 76 2 1 1
PTc -10.24 -8.58 -2.68 0.83

PTa -86.02 | -10.75 | -3.28 -0.66
TF 1.43 -0.97 -0.60 0.71
BF 44.80 | 27.33 7.14 0.28

3.8 Girder Distribution Factor

Load distribution across the bridge was determined using a girder distribution method.
Distribution of the load to each girder can be found by calculating the moment in each girder.

. . . ) Mc . . ) ) )
This can be done using the relationship o = I_ In this equation, o is stress, M is moment, ¢ is

X

the distance from the x axis, and |, is the moment of inertia about the x axis. It was assumed
that |, and c were identical at each girder location. This simplifies the equationto o =M .

Furthermore, using the equation o = ¢E, and for a constant E, it can be assumed that the strain is
proportional to the moment in the girder. The load distribution was then evaluated using the
strain at the bottom flange of each girder.

Load distribution at each girder was then calculated by taking the strain at each individual girder
divided by the total strain of all four girders. This data was plotted for Lanes 1 through 5 for the
case when the truck was positioned at MS 2. These graphs are shown in Figures 3.13. The
AASHTO design load distribution factor, S/14, was added to the graphs for comparison. In all
cases, load distribution at each girder stays below this design value. As stated earlier, the strain
BDI at Girder 4 was not working. This caused the data for Lanes 4 and 5 to be incorrect.
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